Wind Dynamics of the Next
Generation of Tall Timber
Buildings

Bridget Kathryn Fryer
Department of Engineering
University of Cambridge

This thesis is submitted for the degree of
Doctor of Philosophy

Downing College

November 2021

Declaration

This thesis is the result of my own work and includes nothing which is the outcome of
work done in collaboration except as declared in the Preface and specified in the text.
I further state that no substantial part of my thesis has already been submitted, or, is
being concurrently submitted for any such degree, diploma or other qualification at
the University of Cambridge or any other University or similar institution except as
declared in the Preface and specified in the text. It does not exceed the prescribed
word limit for the relevant Degree Committee.
Bridget Kathryn Fryer
November 2021

Abstract

Wind Dynamics of the Next Generation of Tall Timber Buildings
Bridget Kathryn Fryer
Despite all being less than 100 metres tall, the world’s tallest timber buildings all utilise concrete
to increase their mass such that they do not vibrate excessively under wind loading. Wind-induced
vibrations must be minimised to ensure that the building’s occupants remain comfortable and do not
regularly experience motion sickness during high winds. Despite the difficulties with wind dynamics
for the current generation of timber towers, numerous concept designs have been announced that
propose to build much taller with timber. However, at present, there has been little consideration of
how the architecture of timber towers can be suitably designed to help combat the problem. This
thesis investigates the effects of different structural typologies on the dynamic performance of timber
buildings by studying four iconic skyscrapers; the Gherkin, the Shard, the John Hancock Center and
432 Park Avenue and examining how they would perform if built from timber. First, they are assessed
at their existing heights and across a range of shorter heights, with their steel or concrete frames
but examining the effect of replacing their concrete floors with CLT. Secondly (and again across a
range of heights), the buildings are redesigned with a timber frame to test how their dynamics would
change if their steel or concrete beams, columns and walls were replaced with glulam sections and
CLT panels. The Shard and 432 Park Avenue, which have concrete cores, have also been examined to
see how they perform if they kept their concrete cores, but if the remainder of their structures were
built from timber.
In total, 144 combinations of building, floor material, height, and frame material are assessed.
Retaining their existing steel or concrete frames but replacing their concrete floors with CLT resulted
in the buildings’ natural frequencies increasing by an average of 30% and the peak accelerations by
47%. These changes are due to the CLT floors being considerably lighter than the original concrete
floors. By comparison, the change from a steel or concrete-framed structure to a timber-framed
structure (with no change in floor type) made little difference to the peak accelerations, but caused
natural frequencies to increase by 11%.
If their existing structures were retained, but CLT panels with a thin layer of concrete screed
were used for their floors (instead of deep concrete slabs), then the Gherkin at 182 m, the Shard at
200 m, the John Hancock Center at 196 m and 432 Park Avenue at 137 m would have acceptable
vibrations (for residential occupancy) if located in a low wind speed environment like London. Across
the four buildings, this change in floor type would save an average of 24 kgCO2 per m2 of floorspace
if sequestered carbon is excluded, and 170 kgCO2 /m2 if sequestered carbon is included. When
sequestered carbon is included in the calculation, the net carbon stored in CLT is enough to offset

vi
the embodied carbon of the steel and concrete of the Shard (at 200 m) and 432 Park Avenue (at
137 m). When sizing the columns and diagonals of the Gherkin and the John Hancock Center, the
strength criteria was the limiting factor (rather than stiffness). This is because both towers have
well-braced tubular designs that are inherently stiff, thanks to the majority of their columns and
diagonals being located on their perimeters. With strength as the governing criterion, the size of
the structural members could be reduced when lightweight CLT floors were used instead of concrete.
For example, the columns of the Gherkin would have required 32% less steel if CLT floors had been
used instead of concrete decks. Such savings would not be possible for the Shard or 432 Park Avenue,
where the stiffness criterion limits the sizes of the sections.
If the four skyscraper designs were built with a timber frame, the Gherkin would comfortably be
the best performing structure thanks to its inherently stiff diagrid shell and its circular cross-section. It
could easily satisfy the ISO 10137 human comfort criterion for residential occupancy in most locations
at its full height of 182 metres. Taller versions of the structure are also likely to be viable. If built in
London, a fully-timber Shard at 134 m (or 200 m with a concrete core and glulam frame), a timber
John Hancock Center at 196 m, and a fully timber 432 Park Avenue at 80 m (or a hybrid at 137
m) could also satisfy the same criterion (all with CLT and screed floors). Across a set of the 135
m versions of the four skyscrapers, the change from a steel or concrete frame to a glulam and CLT
structure would result in a saving of 130 kgCO2 /m2 (including sequestered carbon) or a saving of 92
kgCO2 /m2 for a hybrid (timber beams and columns, but retaining a concrete core).
Overall, when different typologies were compared on a like-for-like basis, braced tubular forms like
the Gherkin and the John Hancock Center worked the best in timber, producing lower wind-induced
vibrations than 432 Park Avenue and the Shard. Furthermore, their tubular structures required
smaller column sizes (which occupy a lower percentage of their floor space), have lower material costs
per m2 of floor space and would result in less embodied carbon per m2 (if sequestered carbon is
ignored) than those which rely on an internal core for lateral stability.
The next generation of tall timber buildings looks unlikely to reach some of the super tall heights
proposed without significant additional damping, added mass or suitable aerodynamic cross-sections
that can minimise wind-induced vibrations. However, this thesis has shown that timber does have the
potential to be used in suitably designed tall buildings up to at least 200 m tall, without additional
damping or mass, and as the primary structural material in the frame or as an alternative to concrete
floors.
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Chapter 1
Introduction
1.1

Research Motivation and Background

If some species of trees can grow to over 100 metres tall, then perhaps wood is a
material that is naturally designed to be used in tall structures too. Well, consider
building a treehouse at the top of such a tree and settling down for a nights sleep. If it
is a windy night, the tree will sway, and the night will not be so restful.
This analogy may sound somewhat fanciful, but it is a real problem for all tall
buildings, regardless of the construction material used. As a gusty wind blows against a
skyscraper, the structure will deflect and begin to oscillate. If the building is engineered
well, it will be stiff enough and heavy enough to keep these oscillations to within a
comfortable level for the people working or living on the upper floors. In fact, the
occupants may not notice any motion at all, even if they are swaying by a few feet
every few seconds. The magnitude of the vibrations varies inversely with both the
mass and stiffness of the building. Herein lies the problem; although theoretically
enough timber could be added to a structure to make it as stiff as a steel or concrete
equivalent, a building with a timber frame and timber floors would stil be lighter.
Therefore the occupants would experience larger accelerations and be more likely to
feel motion sickness.
Although the patent for glue-laminated timber dates back to 1906, it is only in
recent decades that engineered wood products such as cross-laminated timber (CLT)
and glue-laminated timber (glulam) have become widely researched, manufactured and
standardised. By laminating layers of wood, sawn timber can be formed into a more
predictable structural material, and the columns and beams of a structure need not be
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Fig. 1.1 Sequoia National Park, California ©Index Option
limited by the size of tree available, opening up the opportunity for much larger pieces
of engineered timber that can support taller structures.
Since the year 2000, hundreds of (mostly low-rise) buildings have been built in
the UK from CLT panels (Waugh Thistleton Architects (2018)). With many details
pre-machined offsite and no downtime waiting for concrete to set, the construction time
is on average 20% faster than an equivalent building made from reinforced concrete,
and far less waste is produced. Construction is typically quieter and safer and requires
just 30 to 50% of the personnel on-site as a concrete equivalent. An advantage to
the structures being lightweight is that less concrete is required for the foundations,
which opens up opportunities to build on sites that were previously not viable due to
their ground conditions. The reduced weight of a timber building is also beneficial for
earthquake areas, as the seismic base shear is proportional to the mass of the building.
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Fig. 1.2 Manufacture of cross laminated timber ©D.R. Johnson
Hence, the lighter the building, the lower the shear forces that the structure must resist
during an earthquake. However, its lightness can also be problematic for acoustics.
In order to satisfy building codes, it is often a requirement to add impact-absorbing
underlays or additional mass via sheeting or a layer of concrete screed to minimise
floor vibrations (Arup (2019)).
Of course, as well as the construction advantages, environmental concerns are a
major driver for using more sustainable building materials as the construction industry
currently accounts for 15% of global carbon emissions (Arup (2019)). Materials
production contributes significantly to these figures with cement accounting for 8%
(Olivier et al. (2015)) and the steel and iron industry contributing 6-7% of global
carbon dioxide emissions (World Steel Association (2017)).
By contrast, as trees photosynthesise, they capture and store CO2 from the atmosphere. If the timber produced is recycled at the end of its life, this carbon can be
considered stored or sequestered. If it is burned for fuel in the place of fossil fuels,
this would result in net-zero carbon emissions. Cutting down trees to build buildings
in the name of protecting the environment may seem counter-intuitive; however, a
sustainably managed forest, where harvested trees are replanted, can store more carbon
than an equivalent conservation forest in the long term (Thomas (2014)). Since 2000,
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sustainably managed forests in Europe, North America, and Asia have increased in size
as global demand for sustainably sourced roundwood has dropped by 16% (Lees-Millais
et al. (2017)). Hence there is ample capacity for the expansion of timber as a more
mainstream construction material. However, it should be noted that the process of
converting roundwood into engineered timber products carries a substantial carbon
cost due to the heating and power required for the lamination process. In fact, if
sequestered carbon is excluded from the calculation, then engineered wood products
are typically responsible for more carbon emissions than concrete, on a per unit mass
basis (see Table 3.3 based on data from the Inventory of Carbon and Energy by Jones
and Hammond (2019)).

Fig. 1.3 Brock Commons Tallwood House (Canada) under construction with the
concrete core and steel connections visible ©KKLaw
As the global population continues to expand and urbanisation is increasing, there is
a need to create more housing and to build it with less impact on the environment. By
2050 the percentage of the world’s population living in cities is expected to grow from
55% to 68%, a predicted rise of 2.5 billion people (United Nations (2019)). Populations
have also become more urbanised, and cities are becoming denser, so there has been
a dramatic increase in the construction of tall buildings. In the year 2000, just 265
buildings over 200 m in height existed across the planet, but by the end of 2020, this
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number had ballooned to 1,883 (Council on Tall Buildings and Urban Habitats (2021)).
In tension with this trend is the pressure on the construction industry to build more
sustainably. In the UK, the government’s Construction 2025 strategy has set a target
of reducing greenhouse gas emissions in the built environment by 50% by 2025 (HM
Government (2013)). In parts of Canada, New Zealand, Germany, Finland, the USA
and Australia "Timber first" policies have been introduced to encourage the use of
timber ahead of more traditional but carbon-intensive materials.
Unfortunately, building a skyscraper is already particularly demanding on resources.
The taller a tower rises or, the heavier it is, the greater the structural support required
on every level below. As concrete floor slabs constitute a significant proportion of a tall
building’s mass, their replacement with lightweight CLT floors may allow a reduction
in the amount of structural material required to support them.
Since the Grenfell Tower disaster of 2017, the UK government has introduced a
ban on the use of combustible materials on the exterior walls of buildings over 18 m
tall (Ministry of Housing, Communities & Local Government (2018)). By contrast,
authorities in Australia, Canada, Finland, Germany, Italy, Poland and Switzerland
have changed regulations to allow the construction of tall timber buildings (Council on
Tall Buildings and Urban Habitat (2017)).
As timber is still a relatively new material to use in tall buildings, many fire codes do
not yet provide standardised practices for its use as part of the load-bearing structure
(Arup (2019)). Instead, the onus is on engineers to carry out due diligence to prove that
their structure will remain safe (Hackitt (2018)). High rise timber buildings present a
significant challenge for fire engineers, as not only do occupants need to have a safe
escape route, but unlike low rise structures, firefighters have to be able to fight the
fire from within the structure, and unlike other buildings materials, exposed timber
will add to the fuel load meaning that burn out cannot be guaranteed. For these
reasons, "stay put" or "self-extinguishing" scenarios should not be assumed applicable,
and instead a full burn-out scenario must be designed for (Law and Hadden (2020)).
Despite this, high profile projects such as Mjøstårnet have justified their fire safety by
demonstrating that glulam columns can withstand 90 minutes of fire (Abrahamsen
(2017))). Although timber can form a layer of char that can reduce the deterioration of
a member, this layer can peel off as new laminates become exposed, allowing the fire
to penetrate deeper into the section (Frangi et al. (2008)). There are also questions
about toxic gases from the glues and chemicals used in the lamination process being
released from engineered wood products as they burn.
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Furthermore, even if the internal layers do not burn, they can lose as much as 75%
of their strength if their temperature reaches 200°C (Law (2019)), meaning that the
structure will likely become unstable. Although compartment tests have shown that
limited areas of exposed timber can be acceptable, the simplest way to mitigate the
hazard is the total encapsulation of all structural timber surfaces to ensure that they
do not reach 200°C (Law and Hadden (2020)) and to contain the fire within one to two
storeys (Arup (2019)). Unfortunately, due the pleasant aesthetic of exposed timber,
a strategy of total encapsulation of timber is not always desirable for architects and
interior designers.
Larger scale timber members require more extensive connections, which must also be
protected from fire exposure for their own integrity. Most large-scale timber connections
are made from steel and are also best protected with encapsulation to avoid conducting
heat deep within the timber sections. Whilst the design and resulting stiffness of
timber connections are included in the Eurocodes, the effect on the overall dynamic
performance of a tall timber building under wind loading is not yet well understood. As
well as elastic deformation, dowel-like connections behave non-linearly, and tolerances
within the joint can cause additional displacements (Reynolds et al. (2014)), which
(over numerous storeys) could add up to a significant proportion of the tip deflection
of a tall timber building.
In terms of durability, any external timber is vulnerable to fungal damage and
may need to be replaced during its lifetime. Hence, any load-bearing timber elements
on the exterior are best protected from the environment by a weather-proof facade.
Timber buildings may also be vulnerable to insect attack depending upon the location,
particularly in hot or moist climates. Nevertheless, wood is a building material that
has been around for millennia, and Japanese and Chinese temples, constructed from
timber over 1300 years ago, are still standing today.
Despite these challenges, a wave of tall timber buildings have been constructed
across Europe, Canada and Australia over the last decade (Council on Tall Buildings
and Urban Habitat (2017)). Notable examples include Treet and Mjøstårnet in Norway
(14 and 18 storeys respectively), Brock Commons in Canada (18 storeys), HoHo in
Austria (24 storeys) and Haut in the Netherlands (22 storeys). Even at these relatively
modest heights, all of these timber buildings include concrete to help their performance
under wind loading. Haut (Section 2.3.4), Brock Commons (Section 2.3.2) and HoHo
(Woschitz Group (2021)) have concrete cores to provide lateral stability. Treet (Section
2.3.1) and Mjøstårnet (Section 2.3.3) both have additional mass added to the structures
via concrete floor slabs, which help to reduce the wind-induced accelerations.
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Fig. 1.4 Mjøstårnet, Norway ©Woodify

1.2

Research Questions

Compared to modern skyscrapers, the tall timber buildings constructed so far would
not typically be considered particularly tall. The fact that there are difficulties with
the wind dynamics of timber buildings that are just 80 metres high, begs the question
of how concept designs for timber buildings that are in excess of 300 m tall, such as
the Oakwood Tower (Section 2.4.2) or Japan’s W350 project (Section 2.4.1), could
be achieved without excessive additional mass and/or damping, which may eliminate
some of the environmental benefits of using timber in the first place.
There will be many challenges to consider when building a super-tall timber building,
but of the tall timber proposals outlined in Section 2.4 (ranging from 112 m up to 350
m tall), it appears that their response to wind excitation is given little consideration.
Although a similar building constructed from concrete or steel may perform well under
wind loading, the same cannot be assumed for an equivalent timber building. The
overall shape of the building and its lateral stability system will have a substantial
impact on its dynamic response to wind loading; however, these are decisions that need
to be made early in the design phase by architects and structural engineers.
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Tall timber buildings are a relatively new phenomenon, and as such, there are only
a limited number of existing structures upon which architects and structural engineers
can use as reference points. It may be the case that the recent generation of tall
timber buildings will be a fad, and that the heights dreamt of by the super-tall concept
designs will never be achieved. Alternatively, timber buildings may continue to creep
ever higher. In the meantime, it seems prudent to understand how different types of
structural design can affect a tall timber building’s dynamic performance under wind
loading, and how timber buildings that are far taller than any already constructed
could perform.
As such, this thesis aims to investigate the following questions to inform the suitable
design of the next generation of tall timber buildings:
• How would the dynamic performance of steel or concrete skyscrapers change if
their concrete floors were replaced with CLT?
• How does the dynamic performance of a building change between a steel or
concrete structure and an equivalent timber version of the same structure? For
structures with a concrete core, how would the dynamics change if the concrete
core was retained, but the remainder of the frame was built from timber?
• Which types of lateral stability system or "skyscraper typology" are best suited to
tall timber building design, specifically in terms of their dynamic performance
under wind loading?
To answer the questions above, two sets of buildings have been investigated. First,
a set of four timber buildings consisting of Mjøstårnet and Haut (both constructed at
the time of writing) and the Lodge and an unnamed project (both concept designs by
Smith and Wallwork). Secondly, a set of traditional skyscrapers have been analysed.
Rather than simply check if some of the super-tall concept designs would work, it
is perhaps more helpful to look at buildings that have already been successful in
traditional materials and then see how they would function in timber. It may be
that W350 or Oakwood Tower would not be viable in their current form if built from
any construction material, so little would be learnt about tall timber design if their
dynamics were investigated and found to be problematic. Instead, by looking at steel
and concrete buildings that have been already constructed and occupied, and switching
their material to timber, then it should be possible to understand how the choice of
timber affects its performance versus the original, and hopefully, some insight can be
drawn about how the next generation of timber buildings should be built.
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Fig. 1.5 The set of skyscrapers which are converted to timber buildings in Chapter 6,
drawn to scale, from left to right; the Gherkin; the Shard; the John Hancock Center
and 432 Park Avenue.
Chapters 4 and 5 present analysis of the timber buildings and then the steel and
concrete skyscrapers, respectively, checking estimates of their performance under wind
loading versus the literature. With good estimates established, the buildings from
Chapter 5 are redesigned in Chapter 6, either as fully timber buildings, hybrids with
concrete cores, or keeping the original steel or concrete stability system, but replacing
their concrete floors with CLT. The same analysis used for Chapters 4 and 5 is repeated
in Chapter 6, and the results are compared to the existing timber buildings of Chapter
4. As well as looking at the buildings at their full height, they have been trimmed
down to a series of shorter heights to examine at what heights the different skyscrapers
could be viable.

Chapter 2
Literature Review
2.1
2.1.1

Structural Typologies
Structural Systems for Steel and Concrete Skyscrapers

Throughout the twentieth century, skyscraper technology has advanced by developing
various structural forms that can resist the effect of extreme wind speeds on the world’s
tallest buildings. Early skyscrapers, such as the Chrysler Building and the Empire
State Building of the 1930s, used rigid steel frames with an excessive amount of material
to achieve heights of over 300 m tall (Ali and Moon (2007)). After the Second World
War, more economical, and therefore more material-efficient typologies were required
to make skyscraper construction viable. By the 1960s, tubular structures which opened
up the interior of the buildings, had prevailed over the traditional moment resisting
frames. Fazlur Khan, an architect and structural engineer at Skidmore, Owings and
Merrill (SOM), was the principal driver of this shift in tall building design (Iyengar
(2000)).
Khan (1969) identified that above ten storeys, the section sizes in moment resisting
frames needed to be sized to control lateral displacement, and so stiffness was the
dominant design criterion, rather than strength. Tubular buildings, which have the
majority of their structure on the building’s perimeter, have a larger second moment
of area for the same amount of material. They will naturally be stiffer and, therefore,
reach much taller heights with strength remaining as the dominant criterion, i.e.
additional material is not required to control lateral displacements due to wind. Khan
(1969) categorised this effect across the prevalent structural typologies of the time and
continued to update his findings (Khan (1972) and Khan (1973)). Khan’s two most
iconic tubular buildings, the 100-storey John Hancock Center and the 110-storey Sears
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Tower, can be classified as a Truss-Tube with Interior Columns and a Bundled Tube,
respectively according to his groupings shown in Figure 2.1.

(a) Concrete Structures

(b) Steel Structures

Fig. 2.1 Categorisation of structural systems of tall buildings by Khan (1969)
The positioning of structural material relative to the building’s central axis is not
the only determinant of how much it will move in the wind. The deflection will be the
sum of both the flexural and shear displacements. Whereas flexural displacements are
determined by the second moment of area of the structure, the calculation of shear
displacements is highly dependent on the structural typology (Stafford Smith and Coull
(1991)). Structures with un-braced frames experience racking; this is the bending of
individual columns and beams, which results in a low shear rigidity of the structure.
Cross-bracing the frames largely eliminates this effect and the shear rigidity is instead
dependent on the axial stiffness of the bracings. Alternatively, shear walls or groups of
walls arranged as a core can also provide a high shear rigidity.
Khan’s categorisation of structural systems was updated by Ali and Moon (2007) to
include modern skyscraper designs. As opposed to Khan’s split between concrete and
steel, Ali and Moon have divided the structural systems between interior and exterior
(see Figure 2.2). A modern skyscraper may utilise a lateral load resisting system from
either internal or external systems, or both, and may even combine multiple aspects of
each. Unlike Khan’s approach, which determined when stiffness begins to dominate
over strength, the height limits by Ali and Moon (2007) are "presumptive based upon
experience and the authors’ prediction within an acceptable range of aspect ratios".
The most striking difference between the modern day structures from Figure 2.2 and
those from the 1960s in Figure 2.1 is the increased prevalence of diagonals. Diagonals
were typically hidden away in the internal walls of early skyscrapers as they would
obstruct views if placed on the exterior. Khan’s John Hancock Center and its distinctive
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(a) Interior Structures

(b) Exterior Structures

Fig. 2.2 Categorisation of structural systems of tall buildings by Ali and Moon (2018)

14

Literature Review

cross bracings proved that this was not a detraction for apartment buyers and instead
helped to form a new tall building architecture, known as structural expressionism
(Iyengar (2000)).
Diagrid structures, such as Norman Foster’s Hearst Tower and the Gherkin, fully
embrace the use of diagonals and have taken advantage of modern finite element
software to perform linear elastic analysis on complex shapes. The absence of vertical
columns in a diagrid means that shear forces are carried by axial compression rather
than the bending of columns and beams (Moon (2011)). This means that diagrid
structures have both exceptional shear rigidity as well as flexural stiffness. Thus, such
structures typically do not require shear walls or a core to minimise shear displacements.

Outrigger systems have been used on ship masts for centuries, but they have become
an interior structure for skyscrapers in recent years. At intervals throughout the tower’s
height, concrete walls or steel trusses extend from a central core, connecting to columns
on the building’s perimeter, and sharing the bending moment across both systems.
Moon and Ali updated their 2007 paper in 2018 to include new typologies which
have recently emerged with the advent of mega-tall skyscrapers (those reaching above
600 m) (Ali and Moon (2018)). These include the buttressed core, diagrids with varying
angles, braced mega-tubes and super-framed conjoined towers. The Burj Khalifa (the
world’s tallest building at the time of writing) utilises a buttressed core to resist the
loading on its 830 m tall structure. No super-framed conjoined towers have been
constructed to date.

2.1.2

Defining the New Generation of Tall Timber Buildings

Whilst architects and engineers have been designing steel skyscrapers for over a century,
tall timber towers are still in their infancy. In 1885 the world’s tallest steel-framed
building was the 42 m tall Home Insurance Building in Chicago, but by 1931 this title
was held by the Empire State Building, standing at 381 m (Ali and Moon (2007)).
Just as the early 20th century saw rapid progression in steel buildings’ height, the
21st century may see a similar advancement for timber buildings. In 2008, the world’s
tallest timber building was the nine-storey, Murray Grove, in London at 30 m high
(Wells (2011)). In recent years, that record has been broken by four buildings; Forte in
Australia, Treet in Norway, Brock Commons in Canada and finally Mjøstårnet, also
in Norway and standing at 85m high (Council on Tall Buildings and Urban Habitat
(2017)).
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Foster et al. (2016) highlighted in their paper Proposal for Defining a Tall Timber
Building that a system for identifying indicative heights for timber buildings, based on
their structural system, had not yet been established. They surveyed 24 timber buildings
with seven storeys or more (including concept designs and those not yet constructed),
to identify their fundamental structural differences and categorise them. The survey
does not extend to predicting economical height limits for different typologies, although
it does indicate that CLT shear walls only appear to be efficient up to ten storeys.
Above this, braced-frames are preferable, and for very tall proposals, composite designs
seem to prevail.
Instead of specific lateral load resisting systems, Foster et al. (2016) have categorised
tall timber buildings using their material: single material, composite or mixed. Single
material buildings use timber for all the main structural elements, although floor slabs
and connections may use alternative materials. If steel or concrete elements are used,
in conjunction with timber, to provide the load resisting structure (e.g. steel beams or
concrete shear walls but with timber columns), the building is considered a composite.
Finally, if a building has distinct systems of different materials stacked vertically (e.g.
a concrete base with a glulam frame above) it is considered a mixed structure. These
categorisations are shown in Figure 2.3. A limitation of these definitions is that a
building with a steel or concrete frame but with CLT floors would be classified as
a single material steel or concrete building, despite a significant proportion of the
structure being built from timber.
The work by Foster et al. (2016) was expanded upon by Kuzmanovska et al. (2018)
who surveyed 46 timber buildings of six storeys or more, built since 2009. The survey
includes projects expected to be constructed by 2020 but, unlike Foster et al. (2016),
excludes concept designs. The results show a recent increase in building heights (see
Figure 2.4), and also a series of distinct changes in tall buildings’ structural design.
75% of the first generation buildings (2009-2013) use load-bearing CLT walls and
slabs. However, the most recent generation (2017-2020) are primarily post and beam
structures (67% prevalence). The use of concrete cores has increased from 38% to 57%,
and unsurprisingly are most prevalent in towers over 16 storeys. Conversely, the use
of CLT cores has decreased. Concrete podiums have also become more popular with
time, although their use is not correlated to height or structural scheme. Finally, the
survey also showed a dominance of rectilinear or regular building plans. Irregular plans
were almost always due to site constraints.
Various inventive structural typologies have been developed for steel and concrete
skyscrapers over the last century to achieve taller and more efficient structures. These
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Fig. 2.3 Examples of different building typologies by structural material, Foster et al.
(2016)
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Fig. 2.4 Distribution of tall timber buildings by height across four generations from
2009 to 2020 by Kuzmanovska et al. (2018)
developments and the heights at which they are economical, have been thoroughly
recorded and categorised, initially by Fazlur Khan and then updated for modern
skyscrapers by Ali and Moon. By comparison, we are very much in the infancy of tall
timber design, and hence the categorisations are much more simplistic. The suitable
heights for more complex structural schemes in timber are not yet known; this is
no surprise as only a limited number of tall timber buildings have been built, and
only a small number of typologies can describe their structures. An initial study by
Kuzmanovska indicates that the tallest timber buildings are moving away from using
CLT cores and shear walls, and are instead taking advantage of concrete cores or
glulam frames to provide lateral stability.

2.2

Comfort Criteria

At the time of the construction of the early skyscrapers of the 1920s and 1930s, there
was minimal understanding of the dynamic effects that wind loading have on structures;
nevertheless, it was still recognised that building vibrations could make occupants
uncomfortable. The following are quotes from Wind Bracing in Tall Steel Buildings
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by Morris et al. (1931), published shortly after the construction of the Empire State
Building, which give an insight into the design criteria at the time:
"This report brings forcibly to the attention of engineers the great lack of actual
data in the relation between building behaviour during winds and the actual distribution
of wind forces producing the deflection."
"Care must be taken to ensure that deflections and vibrations are kept within such
limits as render tall buildings comfortably habitable."
"Only experience will reveal the relation between computed maximum deflection and
comfortable occupancy."
"Thus, it has been found that buildings with a deflection index of 0.002 . . . have a
satisfactory behaviour in the matter of deflection and vibration."
At the time, the engineer Homer Balcom could not predict the magnitude or
frequency of the vibrations, nor what would be acceptable limits of acceleration and
frequency before occupants became uncomfortable. Nevertheless the authors were
aware of the issue and experience did show that the steel-framed buildings of the time
were comfortable enough for occupants, provided that the deflections were controlled
to 1/500th of the building’s height - a metric that is still used in building codes for
deflection criteria (but not human comfort criteria) today (NRCC (2015)). Even though
the wind-induced accelerations of the Empire State Building could not be predicted
at the time, it has since been possible to show that the tower would meet modern
comfort criteria. Monitoring of the Empire State Building by Isyumov et al. (1988)
predicted that it would experience peak accelerations of 10 milli-g with a return period
of 10 years (10 thousandths of the force of gravity, approximately 0.1 m/s2 ). These
low accelerations are not only due to the building’s H/500 stiffness, but also thanks
due to it’s high density (270 kg/m3 based on original values by Balcom (1931)) and
high damping from the heavy masonry facade (Isyumov et al. (1988)).
When Fazlur Khan was designing the John Hancock Center almost 40 years later, he
recognised that the building’s dynamic wind-response would be more critical due to its
low building density (180 kg/m3 ). As well as determining the building’s accelerations
using early wind tunnel testing, Khan needed to establish design criteria for what the
maximum permissible acceleration could be before occupants experienced discomfort.
Khan used a rotating platform to test the motion perception of 30 people, of different
ages and occupations, and in 11 different body positions (Iyengar (2000)). The results
showed that people first perceived motion between 4 and 8 milli-gs (0.04 to 0.08 m/s2 ).
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Since Khan’s early assessment of human motion perception, many studies have
attempted to quantify the effect of building motion on occupants and define vibration
thresholds. These studies suggest that motion in tall buildings is perceptible and can
induce motion sickness (Goto (1983), Hansen et al. (1973)) and in extreme cases, can
even provoke fear (Burton et al. (2006)). Building motions at low levels may even
cause Sopite syndrome (regular sleepiness) and reduced work performance (Lamb et al.
(2013)).
Numerous factors affect motion perception. Even if occupants do not detect the
building swaying via their vestibular system (the part of the inner ear responsible for
sensing head position and movement, which is one of the constituents of our sense of
balance) then visual clues (another constituent) may alert occupants to motion. For
example, it is possible to notice vibrations when lining up a near-field object (e.g. a
window frame) against a distant object (e.g. another building) and watching the two
bodies align and un-align (Burton et al. (2008) and Kwok and Macdonald (1990)).
A long term study of four buildings in Chicago by Pirnia et al. (2007) reported a
significant number of people first noticing vibrations whilst looking out of a window.
Studies have recorded that motion perception is positively correlated with the
period of the vibrations (Isymov and Kilpatrick 1996, Denoon (2001), Burton et al.
(2006)). So, typically people are less likely to notice low-frequency oscillations than
those at a higher frequency (up to 1 Hz). Additionally, the probability of noticing
vibrations is affected by a person’s activity and body position. If a person is busy
working, they are less likely to notice motion than someone relaxing, and if someone is
standing up, they are less likely to notice motion than if they were lying down (Chen
and Robertson (1972)). These factors have resulted in frequency dependent limits
for peak accelerations and different acceleration thresholds for buildings of office or
residential use.
Kwok et al. (2009) examines the findings of eight field studies and eighteen motion
simulator studies. They found that the human perception of motion in a tall building is
a complex mix of numerous factors including tactile, visual and auditory cues, previous
experience and expectation of vibration, and even personality and job satisfaction. Put
simply; not everyone will notice a building swaying for the same level of motion. When
determining the design criteria for human comfort, it is necessary to decide a level of
accelerations at which an acceptable majority of people will remain comfortable.
Hansen et al. (1973) were the first to record the vibrations of skyscrapers and
their occupants’ perception of motion to derive a serviceability criterion. Two 167 m
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tall office buildings were monitored using accelerometers in conjunction with a survey
of the occupants after high wind speed events. As high wind speeds typically occur
repeatedly over a reasonable length of time (i.e. a storm), they concluded that the
building’s accelerations should be averaged over 20 minutes. They suggested a limit of
5 milli-g (0.05 m/s2 ) for the RMS accelerations and that this should not occur more
than once every six years, on average. According to their surveys, this would satisfy
98% of occupants. Many subsequent studies have similarly attempted to derive suitable
serviceability criteria for human comfort. Figure 2.5 from Kwok et al. (2009) shows a
comparison of numerous suggested criteria.

Fig. 2.5 A comparison of human comfort criteria for occupants of tall buildings, for wind
speeds over a one-year return period, amalgamated by Kwok et al. (2009), summarising
criteria by the International Organization for Standardization (1984), Melbourne and
Cheung (1988), Isyumov (1993), the Architectural Institute of Japan (2004), the
International Organization for Standardization (2007) and Burton et al. (2007).
The NRCC (1977) introduced the first codified serviceability criteria for human
comfort; peak accelerations should not exceed 10 milli-g (roughly 0.10 m/s2 ) for
residential buildings or 30 milli-g ( 0.30 m/s2 ) for office buildings for a once in tenyear wind. These criteria have since been updated to 15 and 25 mill-g for office and
residential buildings, respectively (NRCC (2015)).
The International Organization for Standardization (1984) also introduced codes to
reflect this relationship. Their latest code, ISO 10137, released in 2007, is commonly
used for modern skyscraper design and is based on a 10-minute wind event for a
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one-year return period (International Organization for Standardization (2007)). Figure
2.6 shows the maximum recommended accelerations for a given natural frequency of a
building, according to ISO 10137 . The ISO criterion is based on the criterion by the
Architectural Institute of Japan (2004) which predicts that 90% of occupants would
notice motions at this level.

Fig. 2.6 The ISO10137 evaluation curves for wind-induced vibrations from a one year
return period (Figure D1 by International Organization for Standardization (2007)).
Compliance with the ISO 10137 criterion is not a strict requirement of national
building codes. Unlike ultimate limit states, which are necessary for building safety,
serviceability limit states (such as motion perception) are much more subjective.
Serviceability criteria are primarily based on the perception and expectations of a
building’s performance by its users or owner. Instead of being prescribed in building
codes, they are typically subject to a contractual agreement between the owner and
designer (ASCE (2002)). Whilst not an issue of safety, it is still vital that engineers
carefully examine serviceability limit states as failing to satisfy them would result in a
building that is not fit for purpose.
Proving that a building has fulfilled the ISO 10137 criterion in Figure 2.6 is one way
to show that the human comfort criteria have been met. However, the teams behind
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a skyscraper design may choose to make their own assessment of motion perception
or assess their building against an alternative criterion. For example, when designing
432 Park Avenue, the wind engineers demonstrated the building’s expected motions to
the developers in a simulator (WSP et al. (2016)). Of course, although the developers
were satisfied, there is no guarantee that the individuals who purchase the uppermost
apartments will have the same level of motion perception.
Just as Fazlur Khan recognised that a new generation of lightweight tubular
structures would be more sensitive to wind dynamics than the moment resisting frame
skyscrapers of the 1930s, so too must the designers of the new generation of lightweight
tall timber buildings. For these buildings to be fit for use, it is vital that the comfort
of occupants is carefully considered during their design.

2.3

Tall Timber Buildings

To consider what tall timber buildings of the future may look like, it is first necessary to
consider the structural forms of the current generation. Three of the four buildings in
this section have held the title of the "world’s tallest timber tower". Upon completion in
2015, Treet, was the first to hold the title, only to be usurped by the Brock Commons
TallWood House in 2017 and then Mjøstårnet in 2019 (Council on Tall Buildings and
Urban Habitat (2017)). Haut will top out in 2021 and although its architectural height
will not surpass Mjøstårnet, the height of its uppermost floor will. The four buildings
described are some of the world’s most prominent timber buildings, and as such, their
designs are thoroughly documented, and hence they have been chosen as case studies
to examine below. As a set, they demonstrate the height progression of tall timber
buildings over the last five years.
To claim the title of the "world’s tallest building" would require a vast amount of
funding, whereas to build the world’s tallest timber building is not such a gargantuan
endeavour. Nevertheless, there are still numerous technical challenges to overcome for
timber towers, even at modest heights that would be considered routine in steel or
concrete. Therefore, before looking to super-tall timber, it is vital to understand the
structural challenges associated with the current generation of buildings.

2.3.1

Treet

Treet (meaning "Tree" in Norwegian) is a collaboration between Artec architects and
SWECO structural engineers. Standing at 49 m high and with a rectangular base of
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23 x 21m, the building houses 62 apartments across 14 storeys, in Bergen, Norway
(Malo et al. (2016)).
Inspired by timber bridge design, the structure derives its stiffness from a large
glulam mega-truss with all the main load-bearing elements positioned on the building’s
perimeter. The largest of these elements were 650 x 405 mm columns. The bulk of
the structure was prefabricated offsite in large modules that slotted within the glulam
frame in four-storey blocks. A concrete slab is connected to the glulam frame on
every fourth level to support the module above (see Figure 2.7). The modules are not
fastened to the glulam structure, but instead, rest upon the concrete slabs and remain
in place due to contact forces. The mass of these slabs also helps with the structural
dynamics. CLT is used in the elevator shaft, balconies and internal walls, but has little
effect on the global stiffness.
The fire safety of Treet is based on the principle that the primary load-bearing
system is designed to withstand 90 minutes of fire. The exposed wood in escape routes
is coated with a fire-resistant lacquer; however, this is not listed as the case for the
main structural elements, whose sizes have been increased to account for charring
instead. There is also a sprinkler system and an elevated pressure in the escape shafts.
However, there is no mention of an encapsulation strategy or that the timber in the
building could act as additional fuel. The safety of Treet relies on the fire being able
to be suppressed, and if not, for the structure to remain stable for 90 minutes for
occupants to escape.
Under wind loading, it is expected that some of the columns and diagonals will
experience tensile forces, so members are connected to the concrete foundations with
high capacity connections of slotted-in steel plates and dowels. This connection style is
used throughout the trussed frame and is commonly seen in timber bridges in Norway.
The effect of connection stiffness on the building’s global stiffness was investigated
by Utne (2012). Utne assigned property modifiers to small sections of the beams and
bracings close to the connections in a simplified 2D frame section of Treet. A property
modifier of 20% on the segments (versus original member stiffness) was found to
increase the building’s maximum accelerations by 10-15% but was not shown to affect
the mode shapes. These results exclude the effect of slippage between connections,
which are caused by inaccurate drilling, misalignment or damage to the wood surface.
This analysis is relatively simplistic and it is not clear whether this method of analysis
is at all representative of the behavior of the actual connections on Treet.
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Fig. 2.7 The structural system of Treet, excluding modules (Bjertnæs and Malo (2014))
Bjertnæs and Malo (2014) assessed the wind-induced vibrations for Treet. The
structural dynamics were modelled using finite element software, and the building’s
response was calculated using the Eurocode guidelines for assessing peak accelerations
and deflections. Wind tunnel testing was not deemed necessary as the structure had a
regular plan. A damping value of 1.9% was used in the design, based on an average
estimate across various elements within the building.
One objective of the dynamic analysis was to understand how the stacked modules
would affect the building’s overall dynamics and whether they should be fastened to
the load-carrying frame. A stack of four modules was found to have a higher natural
frequency than the overall structure. Due to the difference in natural frequencies,
connections between the modules and frames (except for slabs) were considered unnecessary. No further explanation is given, but presumably, this indicates that the
modules are not expected to resonate independently within the typical frequency range
of wind gusts.
The building’s first two modes are expected to be 0.75 and 0.89 Hz with corresponding along-wind accelerations of 0.048 and 0.051 m/s2 . The second mode acceleration
is slightly higher than the ISO 10137 criterion for residential use but was considered

2.3 Tall Timber Buildings

25

acceptable. The paper does not reference an across-wind calculation, so the peak
accelerations could be higher than the values given.

2.3.2

TallWood House at Brock Commons

Treet did not hold the title of world’s tallest timber building for long. By 2016 it had
been overtaken by the 58m tall TallWood House at Brock Commons, a development
by Fast + Epp and the architects Acton + Ostry (Poirier et al. (2016)). The 18-storey
block houses 400 students at the University of British Colombia in Canada. TallWood
House was a product of the "Tall Wood Building Demonstration" initiative launched by
Natural Resource Canada (NRCan) in 2013. NRCan provided some additional funding
for the building, provided that wood was used as a structural element in the design.
The building is a hybrid solution of both concrete and timber elements. The ground
floor and first storey (also known as a podium), core, and foundations are concrete,
and the remaining structure is constructed from glulam columns and CLT floors (see
Figure 2.8). The design was kept deliberately simple to be able to stick to typical
code-compliant solutions where possible. As well as providing a lateral loading bearing
system, the use of a concrete core helped gain approval for the project and eased issues
such as insurance and marketing the building to the students’ parents. Typical column
sizes are 265 x 265 mm, and CLT floor panels were 169 mm thick with 40 mm of
concrete topping and three layers of fire-resistant gypsum board. Brock Commons took
a much more conservative approach to fire safety than Treet. All structural elements
were encapsulated to achieve a two hour fire-resistance rating, meaning that almost
no timber is exposed or visible within the building. Additionally, the corridors are
pressurised, there is a sprinkler system, and also an alarm that feeds directly to the
Vancouver Fire Department.
There are three main types of connections within the building. Steel "drag-straps"
are attached to the CLT floor panels to transfer lateral loads across the building into the
core. Steel ledger angles are also cast into the concrete core to support the CLT floors
and allow for some differential settlement between the concrete and timber structures.
Connections between the glulam columns and CLT panels enable the continuation
of vertical loads through the columns whilst also supporting shear transfer from the
CLT floors. A hollow round steel section is welded between two steel plates, which are
then embedded at the top and bottom of each column using threaded rods; this avoids
crushing at the critical intersection between columns and floors. The paper gives no
discussion of how connection stiffness may affect the building’s global behaviour or even
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Fig. 2.8 The hybrid structure of TallWood House at Brock Commons (WoodWorks
(2018))
any detailed discussion of its overall lateral stiffness. Presumably the displacements
of connections were not a significant concern for the design thanks to the substantial
lateral stiffness of the core.
There is no mention of wind dynamics within the paper by Poirier et al. (2016);
however, a more detailed report by WoodWorks (2018) (a programme of the Canadian
Wood Council) provides some limited information stating that load analysis was
undertaken in accordance with the NRCC (2015) guidelines. The building has a
resonant frequency of 0.5 Hz and, although no values of wind-induced accelerations are
given, the building has been designed to limit the peak acceleration on the uppermost
floor (for a 10-year return period) to less than 0.015 m/s2 . These calculations are
based on a damping estimate of 1.5%. Unlike Eurocode (2010), NRCC (2015) provides
detailed procedures for both across and along-wind accelerations; therefore, it can be
assumed that both types of acceleration were calculated.

2.3.3

Mjøstårnet

Similarly to Brock Commons in Vancouver, Mjøstårnet in Brumunddal, Norway is also
an 18-storey timber building; however, its architectural top stands at almost 30 metres
taller at 85.4 m (Abrahamsen (2017)). The building’s roof is 68.2 m above ground
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level, but a further 17.2 m is added to the architectural height thanks to a glulam
pergola on the rooftop. The building has a footprint of 17 x 37 m and is engineered by
SWECO (who also worked on Treet). Part of the motivation for using timber is that
the "project will be a symbol of the green shift" and a "proof of concept" for tall timber
(Abrahamsen (2017)).
Mjøstårnet follows some of Treet’s design philosophy; large scale glulam trusses on
the outer perimeter of the building provide the primary lateral load resisting system
(see Figure 2.9) and CLT walls are used for housing the elevator shafts and staircases
but are not intended to contribute to the horizontal stiffness. Unlike Treet, large
modules were not included as part of the design; however, prefabricated floor and wall
elements were still used. The largest sections are the 1485 x 625 mm corner columns.
The lower floors have Moelven’s Trä8 building decks with a 50mm layer of concrete
screed on top. Additionally, to improve the building’s dynamic performance, concrete
floors of 300 mm depth were required for floors twelve and above. Mjøstårnet also
has the same type of connections as Treet - slotted-in steel plates and dowels. In a
second paper, written post-construction, Abrahamsen (2018), states that there were
no significant delays during construction, the sections arrived fully processed to within
a millimetre accuracy, meaning that they could be assembled rapidly. Only one out
of the hundreds of elements did not fit. It was re-machined within a week, so did not
delay construction. The timber for the building was produced just 15 km away.
As was the case for Treet, the fire safety strategy is based on the principle that
the main load-bearing sections retain their structural integrity for at least two hours
and exposed wood in the escape route is coated with a fire retardant (but much of
the timber throughout the rest of the building is not protected). A burnout test of a
large glulam column was performed whereby the column was subjected to a 90-minute
ISO-fire in a furnace (Abrahamsen (2017)). Several hours after leaving the furnace,
the column self-extinguished. The paper inferred that the performance of this column
shows that the building would not collapse after a fire. There are some obvious concerns
with this analysis; firstly, the fire safety strategy is based on the test of just one element
of the structure. Secondly, given the large amount of fuel present in the building, a
severe fire may easily last more than 90 minutes, and the intensity of such a fire can
vary significantly from the standardised ISO fire. Nevertheless, in comparison to Treet
the fire safety of Mjøstårnet does appear to have been enhanced. All exposed CLT in
the escape routes is covered in plasterboard, and the building is fitted with sprinklers
and a firestop in the facade to prevent flames travelling upwards on the building’s
exterior.
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Fig. 2.9 Structural model of Mjøstårnet showing the glulam truss with CLT and
concrete floors (Abrahamsen (2017))
Again, wind tunnel testing was not deemed necessary, so Eurocode (2010) guidelines
were used to assess the building’s dynamic response to wind loading. As with Treet, a
value of 1.9% was used as an estimate for the structural damping. The first two natural
frequencies were 0.32 and 0.36 Hz, with corresponding accelerations of 0.045 and 0.067
m/s2 and the peak horizontal deflection at the top is 140 mm. Unusually, the building
is weakest in its slender direction, which is most likely due to the cross bracing along
its broadest side not spanning the full width of the face. In an email conversation,
Bjertnæs (2020) the head engineer at SWECO for the project, confirmed that mode
two, which has a larger face to the wind, experiences the highest accelerations and
deflections. Bjertnæs also confirmed that the global analysis assumed pin-jointed
connections, although in reality, the columns will carry moments and that no additional
displacements were included in the analysis due to connection flexibility. Wind forces
were the most critical load criteria for the design, so to meet the ISO human comfort
criterion, it was necessary to use concrete for the upper floors instead of CLT to increase
the building’s modal mass and thereby decrease the peak accelerations (Abrahamsen
(2017)).

2.3 Tall Timber Buildings

2.3.4

29

Haut

Haut is a 21 storey, 73 m tall, concrete and timber tower which (at the time of writing)
is under construction in Amsterdam in the Netherlands (Verhaegh et al. (2018)). The
high-quality residential building is a collaboration between Arup and Team V architects,
with timber included in the project for its sustainability credentials.
The initial design used CLT shear walls with steel bracings. However, a predicted
slip of 1 mm between the walls on each storey would have reduced the global stiffness
to just 30% of its original value. The slippages could have been mitigated with fulllength steel ties atop the walls, but this would have added significant complexity to
the construction as the connections would have needed to act in tension and also
accommodate shrinkage. Gaps in the walls would have further reduced stability; this
could have been minimised by offsetting the gaps; however, this would have been
architecturally challenging. Furthermore, dynamic analysis of the CLT shear wall
structure showed that the first mode was torsional, which is undesirable for limiting
wind-induced accelerations.
Instead, a timber-concrete hybrid solution was settled upon as the preferred design
with a concrete core providing the primary lateral load resisting system. However, as
the core is offset from the building’s centre (see Figure 2.10a), a load bearing CLT
shear wall from the original design was retained to help minimise rotational deflections.
The structure of the lowermost two floors is entirely concrete, but glulam columns
and beams are used throughout the rest of the structure, except for the balconies
which feature a steel cantilevered section. Steel beams and columns were required to
support the cantilevers as glulam sections were deemed to be too large and would have
interrupted the views from the balcony. Typical floor slabs are 240 mm of CLT with an
80 mm concrete topping. The increased use of concrete for the final design increased
the modal mass and stiffness, thereby improving the building’s dynamic performance.
From a carbon perspective, the decision to use a concrete core was deemed less CO2
intensive (and also more cost efficient) than using the large steel connections required
for a CLT core (Verhaegh et al. (2018)).
The modal properties of the tower were determined using a 3D model and its
response to wind loading was calculated using the NBCC codes. Verhaegh (2021)
confirmed that the Canadian codes were used in place of the Eurocodes to incorporate
across-wind accelerations (vortex-induced) as well as along-wind (buffetting). The first
two modes are translational, rather than torsional, which would have been the case if a
CLT core had been used. They are estimated to be 0.5 and 0.6 Hz, resulting in a peak
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(a) Structural layout of CLT (yellow) and concrete (grey) shear walls
(Verhaegh et al. (2018))

(b) Architectural rendering of the completed building (Harms
(2018))

Fig. 2.10 Haut, Amsterdam
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acceleration of 0.074 m/s2 , which complies with the comfort criterion of the Dutch
National Annex (Royal Netherlands Standardization Institute (2019)). A damping
value of 1.5% was assumed for the analysis (Verhaegh (2020)).
The paper by Verhaegh et al. (2018) provides no discussion of fire safety and
only limited information about connections. However, there is a small discussion of a
problem with the column connections. Numerous iterations of the joint design have
taken place, but at the time of writing the paper, the connection was expected to
require further refinement before construction.

2.3.5

Tall Timber Design

By examining these four prominent tall timber buildings, it is possible to divide the
structures into two categories. Mjøstårnet and Treet, both built in Norway and designed
by SWECO, utilise a glulam mega-truss on the building’s perimeter. These mega-truss
designs would probably be classified by Khan as a "framed-shear truss" (see Figure
2.1b). Concrete has not been used for the lateral load resisting structure but has
been added to the floors to reduce the building’s vibrations. Concrete is present in
all four buildings; however, Haut and Brock Commons are more commonly referred
to as hybrid designs as concrete is the predominant material to resist lateral loads,
whereas CLT and glulam are used for secondary load-bearing structures. Instead of
directing the majority of loads to the building’s exterior, Haut and Brock Commons
instead use internal cores and shear walls to resist wind loading. A concrete core has
the additional advantage of providing a tried and tested escape route in the event of a
fire, which may help ease insurers’ and occupants’ concerns. All four buildings also
incorporate concrete into the floors, either as full concrete slabs for particular floors
(Mjøstårnet and Treet) or using a concrete layer on the top of CLT floors (Mjøstårnet,
Haut and Brock Commons). CLT floors are more likely to have issues with acoustics
and vibrations, which a concrete topping can mitigate. Crucially, concrete floors also
add mass to the structure, which helps to reduce wind-induced accelerations on the
upper floors. As well as concrete, all four buildings also make use of steel for high
capacity connections.
Detailed analysis of the dynamic responses of Haut and Mjøstårnet is shown in
Chapter 3.
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Tall Timber Proposals

Despite the challenges faced when designing the current generation of timber buildings
which are not yet 100 m tall, there has been no shortage of proposals for much taller
buildings, stretching as high as 350 m. This section highlights some of the more notable
proposals, looking particularly at their structural design and what consideration has
been given to their wind dynamics. Some proposals are concept designs with no plans
to be constructed, such as the 300 m "Oakwood Tower", SOM’s 120 m "Timber Tower
Research Project", and the 130 m tall "PMX" by Sidewalk Labs. However, "The Lodge"
and an unnamed tower at 122 m and 127 m respectively (both engineered by Smith and
Wallwork) and the 350 m tall "W350 Plan" by Sumito Forestry Co. have been designed
with the aim of being constructed. The majority of these proposals are not aiming for
super-tall heights, but the impetus to reach ever taller with timber is apparent.

2.4.1

W350 Plan by Sumitomo Forestry Co.

At 350 m tall, the W350 proposal by Sumitomo Forestry Co., Ltd. (2018) is the tallest
timber building proposed thus far. The exact height has been chosen for an unusual
reason- the company hopes to build the structure by 2041 to mark 350 years since its
foundation. It is hoped that the project will revitalise the Japanese forestry industry
by encouraging sustainable forest management for the use of construction materials.
The basics of the design were announced in a brief paper by Sumitomo Forestry Co.,
Ltd. (2018) and expanded upon by Aoyama (2019) in a presentation to the Bio-Based
Buildings International Conference. At present, there is not a great deal of detailed
information available about; nevertheless, it is still interesting for two reasons. Firstly,
unlike any other design examined so far, the structure is a timber-steel hybrid. Timber
beams and columns are arranged in a regular grid throughout the building with steel
pipes providing cross-bracings on the exterior faces. Based on the categorisations of
Ali and Moon (2018), the typology is perhaps best described as a timber and steel
"braced tube" with an internal timber moment resisting frame. The presentation slides
show some dynamic analysis has taken place, but no results have been provided. The
concept is also unusual because there is a plan to build a succession of three smaller
buildings, starting with a 30 m version, then 70 m and 200 m before finally building
the 350 m tower. Along the way, Sumitomo Foresty Co. hopes to oversee various
technical advancements; these (perhaps rather optimistically) include "trees that are
resistant to burning" (Aoyama (2019)).
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Fig. 2.11 W350 Plan by Sumitomo Forestry Co., Ltd. (2018) for a series of tall timber
buildings, reaching up to 350 m high
Sumitomo Forest Co. is not an architectural practise or structural engineering firm,
so their concept is perhaps best viewed with a healthy level of scepticism before more
details emerge. However, if their plan to build a succession of increasing tall buildings
takes place, this would be an ideal way to test out the proof of concept.

2.4.2

Oakwood Tower

PLP Architecture, in collaboration with Smith and Wallwork, have proposed a striking
concept design for a 300 m timber skyscraper called Oakwood Tower (Foster et al.
(2016)), shown in Figure 2.12. The height has been chosen to meet CTUBH’s definition
of "super-tall". Although proposed for the Barbican area in London, the project is best
considered as a thought experiment rather than a building proposal. The concept was
intended to spark conversation and focus academic efforts to determine what research
is required before a timber building of this scale could be constructed.
The chosen design is extremely slender which means structural elements on the
building’s exterior must be very large to achieve a sufficient second moment of area
(and thereby stiffness) about the building’s transverse horizontal axis. The structural
design comprises four very slender sub towers that act to buttress the tallest tower.
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Fig. 2.12 Oakwood Tower, a 300 m concept design by PLP Architecture and Smith
and Wallwork. Credit: PLP Architecture
Each sub tower takes the form of a mega truss, with columns as large as 2.5 x 2.5 m
required for the corners. The bundled tube design bears similarities to the Sears Tower
in Chicago, which held the title of the world’s tallest building between 1973 to 1998.
Foster et al. (2016) correctly highlight the importance of lateral load resistance
and dynamic stability for super-tall buildings, and that these will become even more
critical for lightweight timber structures. Oakwood Tower is expected to be less than
half the weight of an equivalent concrete skyscraper, but unfortunately, there is no
data about its dynamic performance in the available literature.
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The Lodge

The Lodge is a design for an as-yet-unbuilt timber tower, standing at a height of 112
m tall (a 126 m version has also been considered) (Smith (2017)). Its diagrid structure
takes the form of an elliptical, hyperbolic paraboloid, shown in Figure 2.13. Unlike the
Gherkin (see Section 2.7), the two sets of 26 columns do not intersect by spiralling, but
instead run in straight lines up the height of the tower, causing the building to narrow
at mid-height. At the base and top, the ellipse is 49 m wide and 22 m deep. An internal
timber core of beams and vertical columns has an elliptical cross-section spanning 37
by 10 m. Similarly to the Gherkin, the internal core primarily supports gravity loading,
and the external diagrid provides the bulk of the lateral stiffness. Beams intersect
the diagonal columns to form hoops about the perimeter that provide stability to the
diagrid structure.
The building is designed to have a static deflection of H/500. A simple finite
element model by Tzokova (2017) for Smith and Wallwork, calculated the fundamental
frequency to be 0.336 Hz, and wind analysis predicted a resulting peak acceleration of
between 0.087 to 0.110 m/s2 . This combination of acceleration and natural frequency
would not meet the ISO serviceability requirements for structural vibrations.
Although the Lodge is not the tallest of the timber proposals, it is included in this
thesis as an interesting comparison to the Gherkin. Both are forms of rounded diagrids
but they perform very differently under wind loading (this is explored in Chapters
4 and 5). The Lodge’s hyperbolic paraboloid exterior gives the building a strong
architectural form; however, it also provides some structural limitations. In particular,
the angles of columns are governed by the building’s geometry, as the columns run
continuously throughout the building’s height. Reducing the steepness of some columns
would have given the building more lateral stiffness. Due to a narrow site and the
resulting floorplan is very narrow, which means that the building must resist a large
wind load on its broad face about its narrow face.

2.4.4

Unnamed Smith and Wallwork Tower

The third project by Smith and Wallwork is a working proposal for which the location
and name cannot yet be disclosed. The 127 m structure is reasonably slender with a
base of just 32 x 32 m (Smith (2018)). The design may be considered a more realistic
version (at less than half the height) of the Oakwood Tower concept design because it
also has a series of sub towers, which cease at different levels. The staggered towers are
intended to give an illusion of the building being more slender than it is. The individual
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Fig. 2.13 The Lodge, a 112 m, fully timber tower with an external diagrid structure.
Credit: PLP Architecture
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Fig. 2.14 An unnamed project by Smith and Wallwork consisting of a series of timber
sub-towers tied together with steel link trusses. Credit: Smith and Wallwork
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towers again take advantage of an exoskeleton truss to provide lateral stiffness. Link
trusses are required at three stages through the building’s height to ensure that lateral
loads are effectively transferred and shared across the whole structure. The section
sizes of the link trusses would have been too large in glulam, so steel is required instead.

Despite the cross-bracing of the sub towers, the structure still has an issue with
wind dynamics, like many other fully-timber designs. A wind report by Tzokova (2018),
for Smith and Wallwork, shows that its expected peak along-wind acceleration (0.096
m/s2 with a first mode frequency of 0.43 Hz) is significantly higher than recommended
by ISO 10137 for a residential building (0.058 m/s2 ). The Eurocodes have been used
to calculate the along-wind acceleration, but no across-wind calculation is shown. In
addition to trouble with the dynamics, the building is expected to experience uplift
and load reversal, meaning that connections would need to be designed for both tensile
and compressive forces.
To improve the building’s dynamic response, a masters thesis by Brown (2018)
investigated how much additional mass would need to be added to the upper floors to
reduce the accelerations to an acceptable level. Brown predicted that 10 million kgs of
concrete would be required throughout the building or 2.25 million kgs if placed at
the top. A difficulty with the staggered design is that the floor space reduces at the
top of the building, so any concrete floors would need to be extraordinarily deep. A
subsequent masters thesis by Ye (2019), found that the comfort criteria could be met
using 250 mm deep concrete slabs on the uppermost twelve floors and with a tuned
mass damper providing an additional 5% damping. These two reports highlight the
difficulty of making a fully-timber project work at a significant height.
Whilst increased damping and mass have been explored as an option, it has not
yet been fully explored how much impact a different structural form could have, and
whether it would be possible to make a fully-timber building of this height and aspect
ratio that satisfies the human comfort criteria.

2.4.5

Timber Tower Research Project by SOM

In 2013, Skidmore Owings and Merrill (SOM) released a highly detailed report of their
research project to re-design the 120 m tall, Dewitt-Chestnut Apartments tower, were
it to be built with a predominantly timber structure (Skidmore (2013)). The project is
not a refurbishment scheme but can be considered as a concept design to develop a
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feasible timber structural system that would significantly surpass the world’s tallest
timber buildings in height (if it were ever built).
The original building, built-in 1966, was the first to use a framed tube system,
whereby closely spaced columns are fixed to deep spandrel beams with moment-resisting
connections. These act as a punctured shear wall on each face of the building to resist
the bulk of the lateral wind loading.
For the timber tower design, coupled CLT shear walls inside the building replace
the original framed tube system to resist the wind loading. Shear walls were a more
economical option, and using CLT for shear walls is a common practice. The walls
form a service core throughout the centre and also span out from the core towards the
exterior edges, reducing in length as the building’s height increases. Link beams that
couple the shear walls’ behaviour to the remainder of the building are critical elements
for the structure’s stiffness. Timber link beams would not be strong enough for the
space available, so concrete was required instead. Concrete is used for the shear walls
and gravity columns on the first two floors and also as part of the connections. Instead
of timber-timber connections, steel bars fix into the timber with epoxy, which then
connect to a band of concrete at the perimeter of the building, at each wall and floor
intersection (see Figure 2.15). The overall structural system (excluding the concrete
foundations) is roughly 80% timber and 20% concrete by volume. The floors and
columns are timber, as well as the shear walls above the second floor. The building’s
foundations would only require 65% of the concrete of the original building, thanks to
the lightweight timber-concrete structure. The overall carbon footprint would reduce
by 60 to 75%.
The SOM report stands out against other concept designs for the highly detailed
information about the lateral load resisting system, connections, fire considerations,
services design, and embodied carbon calculations, as well as in depth consideration
of the interior and exterior architectural design. There is much attention on floor
vibrations, but unfortunately, analysis into the overall building vibration is minimal.
If built, the timber tower would resonate at approximately 0.28 Hz (which SOM
deemed acceptable) and have a tip deflection of 200 mm under static wind loading
(equivalent to H/600). However, SOM does not provide estimates for the peak windinduced accelerations. Studies by Bezabeh et al. (2018) and Abeysekera and MálagaChuquitaype (2015) have since made assessments of the building’s response to wind
loading (see Section 2.6). Finally, the structure’s global behaviour is mostly flexural
(as opposed to shear), and structural members would be subject to uplift forces in
some areas of the building.

40

Literature Review

(a) Overall building structure

(b) Typical floor structure

Fig. 2.15 Structural system of the SOM Timber Tower Reseach Project (Skidmore
(2013))
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This report is fascinating because it takes an existing design; the Dewitt-Chestnut
Apartments, which has a distinctive and marketable design and (almost) fully fleshes
out how the building could function in timber. However, the rationale for selecting this
particular building for the project is not immediately apparent. The reasons given in
the report are that it has a simple, regular geometry, data about the building was easily
accessible, and its design is very efficient for material use. However, the structural
system of the timber design differs so dramatically from the concrete original as to be
classified as a completely different typology, switching from an external to an internal
structural system. SOM have an extensive catalogue of past designs that may have
been more suitable; the John Hancock Center for example which is investigated in
Chapters 5 and 6 of this thesis.

2.4.6

Sidewalk Labs

Sidewalk Labs (Alphabet’s urban innovation organisation) has worked with a team
of architects and engineers, including SWECO and Michael Green Architecture, to
develop a prototype timber building that is not reliant upon concrete to achieve
sufficient dynamic comfort (Eckholm (2020b)). The 130 m tall design, known as PMX,
is intended as a digital proof of concept and is not expected to be constructed.
Unlike the other tall timber proposals featured in this section, the building’s
dynamic performance is discussed thoroughly and appears to have been the critical
design consideration due to the team’s desire to produce an all-timber design (Eckholm
(2020a)). The team firstly identified that a CLT core would not be a practical source
of lateral stiffness as the walls would need to be 3.05 metres deep. Instead, the
building uses just a 127 mm deep CLT core but derives its stiffness from a braced
tubular exoskeleton, inspired by the John Hancock Center (see Section 2.7 for more
information). Unlike a large core, the exoskeleton does not consume as much floor
space and provides a more flexible living space. Numerous other structural designs
were tested, with the X-braces chosen as the highest performing. Unfortunately, details
of the less well-performing concepts have not been explored in the articles.
Even with its stiff structural system, the tower would still require a tuned mass
damper to keep the wind-induced accelerations at a comfortable level. The designers
chose not to add extra mass because they wanted to stick to a fully-timber design,
and preferred not to further increase the stiffness by using larger sections as this
would be costly and consume floor space. As a result, an increase in damping was
the only remaining option. Specific details of the accelerations and the impact of the
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(a) Structural system (Eckholm (2020a))

(b) An architectural rendering of the completed building. Credit: Michael
Green Architecture and Gensler

Fig. 2.16 PMX, a 35 storey timber concept design by Sidewalk labs
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tuned mass damper (TMD) are not provided, nor is the building’s proposed location.
However, Toronto may be a reasonable presumption as Sidewalk Labs were working on
an all-timber development for the city at the time.
As Sidewalk Labs investigated numerous structural designs and found the braced
tubular frame to be the most viable option, it is somewhat discouraging that its
dynamics were unsatisfactory without additional damping. However, with only limited
information about the design available and no details of the alternative proposals that
were tested, or the wind speeds that building was assessed at, there is not enough
information to rule out the possibility that fully-timber designs over 100 m tall may
still be viable without the addition of extra damping.

2.4.7

What about the dynamics?

The tall timber proposals in this section are exploring a range of structural typologies,
not utilised in the existing tall timber buildings from Section 2.3, namely a diagrid;
The Lodge, bundled tubes; Oakwood Tower and Unnamed Tower, braced tubes; PMX
and W350, and the more traditional shear wall structure of SOM’s Timber Tower
Project. The variation in structural design and material is encouraging, and one or
many of these designs may well be viable over 100 m. The bulk of these structures are
fully-timber, although the use of steel and concrete has also been necessary. W350 uses
steel cross bracings, SOM’s tower requires a reasonable amount of concrete in various
elements, Smith and Wallwork’s would require concrete for additional mass, and PMX
has a tuned mass damper.
Smith and Wallwork have generously shared their research with Cambridge University, and the papers by Sidewalk Labs provide some qualitative information about their
tower’s dynamic performance. However, there is little data available in literature of
the remaining buildings to show conclusively that any of these towers would perform
acceptably under wind loading (one of the most critical criteria for a tall timber building). Unfortunately, none of these proposals shows a proven concept for the structural
design of a tall timber building that will perform well dynamically without additional
mass, stiffness or damping to control the wind-induced accelerations.
Although tuned mass dampers are one of the more common solutions for reducing
a building’s vibrations, it is worth noting that there are numerous alternative sources
of additional damping, such as viscous dampers incorporated into a bracing system, or
water tanks that act as tuned sloshing dampers. For the purpose of this thesis, the
need to include additional damping in a timber building is important to note. However,
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the type of damping is not particularly critical to the analysis and so generally the
addition of damping is treated as a generic percentage of critical.

2.5

Tall Timber Dynamics - In Situ Testing

When trying to understand the wind dynamics of tall timber buildings, an obvious
place to start is to measure the accelerations of existing towers. However, as explained
in Section 2.2, the human comfort criteria are based on the building’s response to the
highest wind speeds expected within a specific period, typically one or ten years. To
assess a building’s peak acceleration requires long term monitoring and although some
tall timber buildings do have accelerometers installed, this data is not widely available.
Nevertheless, it is still beneficial to monitor timber towers as this can help determine
suitable damping ratios which are required to predict a structure’s dynamic response
to wind loading. Eurocode (2010) Part 1 gives damping values for concrete and steel
buildings but not for timber, although a value is provided for timber bridges.
Reynolds et al. (2016) carried out in-situ dynamic tests on 11 multi-storey timber
buildings in Central Europe and the UK, ranging in height from 15.6 to 49 m. The
results showed no clear relationship between damping and height, or slenderness, or
building type (i.e. hybrid vs fully-timber). Damping across all buildings ranged from
1.4% to 6.4%, with a mean value of 3.7%. Treet was recorded as approximately
1.75%. Each building was tested with accelerometers using ambient vibration methods,
typically over a period of 30 minutes. The paper acknowledges that the values of
damping recorded are highly dependent on the magnitude of the accelerations. Larger
accelerations will mobilise more of a structure’s frictional damping mechanisms, thereby
resulting in larger damping percentages. To make a fair comparison between buildings,
the damping was recorded at a reference amplitude of 0.01 m/s2 , a much lower value
than expected to trigger occupant discomfort.
Feldmann et al. (2016) has also measured the performance of nine timber towers in
ambient vibration testing. The buildings are mostly located in Germany and range
in height from 24 to 45 m, as well as a 100 m solid timber wind turbine. Damping
values were measured between 0.5 to 3%. The data showed non-linearity between the
damping ratio and the RMS accelerations; however, these accelerations were recorded
over a relatively small range. The paper states that these damping levels are applicable
at low-level vibrations, but not necessarily at higher amplitudes. A comparison of
Feldmann’s results for different structures versus the Eurocode is shown in Figure 2.17.
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The monitoring indicated that timber frame structures may produce higher levels of
damping than solid timber cores.

Fig. 2.17 A comparison of recommended damping ratios from the Eurocodes compared
to results from ambient monitoring by Feldmann et al. (2016)).
An alternative to ambient vibration testing (which is highly dependent on the wind
speeds at the time of recording) is forced vibration testing (FVT), whereby horizontal
electro-dynamic sliding shakers induce vibrations in a building and record its response
(see Figure 2.18). The DynaTTB project, a collaboration between numerous European
companies, academia and research organisations, plans to test seven timber buildings
and one bridge between 2019-2022 using FVT (Abrahamsen et al. (2020)). The first
building to be tested was the 36 m "Treed It" in France. At high amplitude vibrations
(between 0.05 to 0.1 m/s2 ) the building’s damping was recorded as between 2.5% to
3%. At amplitudes below 0.01 m/s2 , the damping reduced to 1%. More buildings,
including Mjøstårnet and Treet, are expected to be measured imminently.
Determining the percentage of critical damping of a tall timber building is not
easy. Many factors may play a part, including the structural design, materials used,
height and connections. Additionally, damping measurements are likely to depend on
the magnitude of the vibrations at the time. However, the papers highlighted above
suggest that timber buildings may reasonably be expected to have structural values of
at least 2% of critical damping, which would be larger than for both concrete and steel
buildings.
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Fig. 2.18 The 500kg mass shaker used for forced vibration testing, in operation on
Treed It in France (Abrahamsen et al. (2020)).

2.6

Tall Timber Dynamics - Desktop Studies

When designing tall timber buildings up to 100 metres tall (see Section 2.3), it is
evident that their response to wind dynamics is challenging and that extra mass, via
deep concrete floors, is often the chosen solution. Nevertheless, there are no shortages
of tall timber proposals that aspire to reach much greater heights. Those listed in
Section 2.4 either showed further difficulties with wind dynamics or do not appear
to have fully considered them. Clearly, there is a need to understand if any very tall
timber buildings will perform acceptably under wind loading and what type of lateral
load resisting systems can achieve this, what heights can be reached, and whether
adding extra mass back into the buildings the only way to achieve this? Whilst previous
sections have examined stand-alone proposals, mostly by architects and structural
engineers, this section examines the most recent work from academia.
As discussed earlier, one of the most detailed proposals is SOM’s "Timber Tower
Research Project"; however, a full dynamic analysis of the proposal’s serviceabilityperformance was omitted from the report. Bezabeh et al. (2020), has used wind tunnel
testing to investigate the building’s dynamic response for numerous heights, damping
percentages, and terrain conditions (if the tower were located in Toronto). A series of
10, 15, 20, 30 and 40 storey versions of the building were tested using high-frequency
pressure integration (HFPI) wind tunnel tests, and their results compared to the
NBCC human comfort criterion (15 milli-g for residential occupancy or 25 milli-g for
office) for a one in ten-year wind speed. The results showed lower accelerations for
urban terrain than suburban or open county for all towers and doubling the damping
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reduced peak accelerations by almost 30%. As expected, the peak accelerations
reduced approximately proportionally to building height. Figure 2.19 shows the peak
accelerations of the 20 and 40-storey buildings. The HFPI wind tunnel testing results
were verified with an aeroelastic model for the 40 storey building, and in both tests
the 40 storey tower would meet the NBCC comfort criterion for an office building with
2% damping in urban terrain. For all but the ten-storey tower, the peak accelerations
were across-wind, i.e. due to vortex-induced vibration.

(a) 20-storey testing

(b) 40-storey testing

(c) 20-storey results

(d) 40-storey results

Fig. 2.19 Wind tunnel testing for peak accelerations of a 20-storey and 40-storey
building across a range wind angles in urban terrain by Bezabeh et al. (2020)
Johansson et al. (2015) have calculated one-year peak accelerations for a 24 m and
a 22 m tall building using the Eurocode 1 procedure with damping percentages from
in-situ testing by Reynolds et al. (2016), Hu et al. (2014) and Bjertnæs and Malo (2014).
Both buildings pass the ISO 10137 comfort criterion at their existing height (however,
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there are some doubts about the calculations as the peak accelerations are much lower
than expected given the stated RMS values). The 24 m building was analysed to see
the result of doubling its height but maintaining the same stiffness and mass density.
A 48 m version would fail the comfort criteria. There is little to be learned from this
analysis, as the taller version was not fully modelled, and there are doubts about the
accuracy of the earlier calculations, regardless. A subsequent study by Johansson et al.
(2016) calculated the response of a 75 m building, (designed by the authors) which
also failed the comfort criteria. These isolated studies of different buildings show the
difficulty of designing a timber structure that will meet serviceability criteria, but do
little to answer how the issue could be solved.
Abeysekera and Málaga-Chuquitaype (2015) assess the dynamic performance of four
finite element models of timber buildings, each with a different lateral load resisting
system and varying in height from 7 to 30 storeys. Two of the models included are 20
storey and 30 storey versions of the SOM building (similarly to Bezabeh et al. (2020)).
The buildings are assessed using two wind profiles; downburst and tornado (tornado
is the typical wind profile used in the Eurocodes). Despite using an extremely high
damping value of 13% and a peak wind speed of 21.5 m/s, all four towers fail the
comfort criteria under both wind profiles. These results do not agree with Bezabeh’s
wind tunnel tests, which showed the 20 and 30 storey SOM building would perform well
(if located in Toronto) with as little as 1% damping. There is a limited description of the
methods used to determine the building’s peak accelerations, except that the analysis
appears to have used a randomly generated wind speed in the time domain, applied
via a script, to determine the response, which may have been vulnerable to errors. The
paper concludes that the peak accelerations were largest for the 7-storey CLT building,
which seems unlikely. Unfortunately, this paper’s results do not look reliable enough
to make any conclusions about which of the structural systems performed the best.
A master’s thesis by Tjernberg (2015) has investigated different CLT systems
for a 22 storey building in Stockholm, designed by Folkem. The project tested four
different systems of CLT structure (including SOM’s design) within the fixed geometry
of the proposed building. Different depths of CLT panels for the walls, floors and
liftshaft were included in the analysis. The Eurocodes were used to calculate the peak
accelerations of each concept, and numerous designs were found to satisfy the ISO 10137
human comfort criterion. However, there were no across-wind accelerations calculated,
so it is uncertain whether the design would meet serviceability requirements under
vortex-induced vibrations. This report has tested out different lateral load resisting
systems on a like-for-like basis, i.e. for the same building with consistent wall thickness.
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Unfortunately, the structural systems are mostly the same, so although the analysis
is undoubtedly useful for the building’s designers in Stockholm, the thesis provides
minimal insight into the merits of different lateral load resisting systems in timber.
A master’s thesis by Fairhurst (2014) showed that a 22 storey timber-steel hybrid
system did not meet the serviceability criteria for wind loading, despite a good seismic
performance. However, a paper by Chen and Chui (2017) showed that a theoretical
20 storey building in Vancouver would meet the NBCC comfort criterion, with peak
accelerations calculated as 0.09 and 0.110 m/s2 for across and along-wind vibrations,
respectively. The tower has a CLT core, connected to eight shear walls spanning out
the perimeter via steel link beams, which together act as the lateral load resisting
system (see Figure 2.20). Glulam beams and columns make up the exterior structure,
and CLT floors with a concrete topping are used to add mass to the structure.

(a) A typical storey

(b) The deformed finite element model

Fig. 2.20 Analysis of a hypothetical 20-storey timber building by Chen and Chui (2017)
Reynolds et al. (2011) conducted a preliminary study on tall timber dynamics,
primarily focussing on connection stiffness. Simple analysis of a building with a
fixed mass showed the effect of increasing a building’s natural frequency to control
wind-induced accelerations (effectively increasing modal stiffness, as modal mass was
assumed to remain constant). More detailed analysis of a timber connection showed
that increased deflections resulted in increased damping (from 3% up to 13%), and
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reduced connection stiffness with higher amplitude deflections. These results highlight
the non-linearity of timber connections and how they might vary throughout a building’s
lifetime. In a later paper, Reynolds et al. (2014) examines cyclic loading of timber
connections, at a load of between 20 to 40% of their embedment strength. The results
showed that the typical model of a timber connection as elastic, could overpredict its
stiffness due to the imperfect contact surface between the wood and the steel dowels,
which can result in slippages. Unfortunately, the analysis does not extend to researching
how these slippages might affect the global stiffness of a building or whether these
slippages would be fully realised for the overall movements of a building.
The concept of investigating structural typology has been explored in a different
manner by Mam et al. (2020), who investigated the influence of semi-rigid dowel
connections when optimising a two dimensional braced timber frame. The frame,
consisting of up to five X-braces stacked vertically with connecting columns, shown
in Figure 2.21a, is optimised with respect to building geometry and section sizes, to
minimise weight whilst limiting the tip deflection under wind loading. The connections
are designed to meet the ultimate limit state loading. The results of the tallest frame
showed that approximately 25% of the lateral deflection is due to the connections (see
Figure 2.21b) and that 40% extra material would be required to limit the deflections
to the same amplitude as a frame with perfectly rigid connections. The influence of
connection stiffness also slightly changed the brace’s optimum positioning and angles,
as stiffness became a more dominant criterion than strength. These results show that
connection stiffness can influence the optimal design of timber frame; however, the
findings cannot be immediately extended to a complex three-dimensional building,
which includes beams and diaphragm action via floor plates. It is worth noting that
the frame described earlier was limited by stiffness, so more material was necessary to
meet H/500 requirements. A sufficiently stiff building, such that its members must be
sized to meet the strength criterion (rather than stiffness), would not need to increase
section size to mitigate against the extra displacements from connections. Additionally,
it would also be possible to re-design the connections to increase their stiffness, rather
than adding extra material to the columns and braces.
The findings of Chen and Chui (2017) and Bezabeh et al. (2020) appear to show
that it is possible for timber buildings over 100 metres (both of which have a CLT core
and shear walls) to have an acceptable dynamic response to wind loading. However,
across all of the literature presented above, there is no detailed like-for-like comparison
of how different structural systems perform under wind loading. Furthermore, much of
the literature assesses buildings of reasonably modest heights, which will quickly be
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Rigid Connections

Flexible Connections

Rigid Connections

Flexible Connections

(a) Deflections

(b) Geometry

Fig. 2.21 Shape optimisation for a 2D frame with 5 modules by Mam et al. (2020),
showing comparative results for frames which include and exclude connection flexibility.
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surpassed by real-life constructions. It has not been possible to find dynamic analysis
of any timber buildings over 40 storeys, and yet there are proposals to reach up to 70
storeys in the future (Sumitomo Forestry Co., Ltd. (2018)). A secondary issue is how
to incorporate connection stiffness into the design and how it might affect a buildings’
dynamic performance.
A difficulty for academic studies of timber buildings is that they are usually
reliant upon an existing timber design upon which to base their analysis, hence the
reoccurring use of SOM’s timber tower which has been analysed by Bezabeh et al.
(2020), Abeysekera and Málaga-Chuquitaype (2015) and Tjernberg (2015) and a similar
structure was also used by Chen and Chui (2017). A full detailed design of a timber
skyscraper is time-intensive and requires a lot of expertise; hence proposals are typically
put forward by architects and structural engineers. Fleshing out multiple designs and
testing their dynamic performance is resource-intensive, and thus not typically viable
for architecture and engineering practises that have more pressing demands on their
attention. Sidewalk Labs have purportedly tested out numerous typologies for their
dynamic performance, but sadly have not published results of their findings.
Thus, the concept for this thesis is formed from the principles above. Instead of
being reliant on existing tall timber buildings for analysis, this thesis converts some
iconic skyscrapers constructed from steel and concrete and tests how their dynamic
performance would change if built from timber. A range of structural typologies are
investigated to understand which would produce a good performance under wind
loading, and at what height they could satisfy the human comfort criteria. To test out
multiple structural forms, the designs need not be fully detailed, but should instead
capture a range of different lateral load resisting systems, with a view to identifying
which typologies are most suitable for tall timber buildings.

2.7

Steel and Concrete Skyscrapers

As discussed in previous sections, it is not yet apparent what are realistic heights
for timber towers and how different structural typologies may be used to build taller.
Numerous concept designs could claim to be the world’s tallest timber building if
constructed; however, most have not shown a detailed analysis of their wind dynamics
to prove the designs would be viable. Additionally, academic studies that seek to
determine suitable structural typologies (in terms of dynamic performance) are lacking.

2.7 Steel and Concrete Skyscrapers

53

By investigating existing steel and concrete skyscrapers and switching their designs
into timber, it may be possible to determine structural forms that would work well
in the material and provide a comfortable dynamic performance for occupants. This
section presents key information from available literature for four iconic skyscrapers,
each with a different structural typology and covering a range of heights and time
periods. Detailed analysis of the four skyscrapers in their current form is shown in
Chapter 5 and analysis of their timber versions, across a range of heights, is presented
in Chapter 6. These buildings were selected due the availability of sufficient data from a
detailed analysis. SOM kindly provided the original plans for the John Hancock Center
and WSP generously supplied an ETABS model of the Shard and sufficient information
on 432 Park Avenue to be able to construct a model. The geometry of the Gherkin
was possible to construct in Grasshopper with readily available plans and literature.
In conjunction with the material provided by SOM and WSP, the literature below is
used to develop models of each building to predict their structural and wind dynamics
and also, where possible, to verify the predicted values of deflections, frequencies and
peak accelerations against those found in the literature.

2.7.1

The John Hancock Center, Chicago

Built in Chicago in 1970, the John Hancock Centre is a mixed-use building with both
office space and apartments, which stands at 344 m tall (Khan (1983)). Designed by
Fazlur Khan of Skidmore, Owings and Merrill, the building was one of the first to use a
braced tubular system (see Section 2.1 for more information on tubular skyscrapers).
The revolutionary structure was first explored as a master’s project by Sasaki
(1964), upon Fazlur Khan and Myron Goldsmith’s suggestion. Khan (1983) proposed
the use of external diagonals to make an entire building of 60 storeys behave like a tube.
This exploratory concept was investigated with physical models, which showed that,
as well as carrying gravity loads, the diagonals acted as bracings to tie the exterior
columns together and distribute lateral loads evenly. The floors act as diaphragms,
transmitting shear forces across the building to the exterior structure.
For the design of the 100-storey John Hancock Center, computers helped analyse
the structure for wind and gravity loads and check section sizing (Engineering News
Record (1965)). The diagonal cross bracings resist about 90% of the shear forces,
which enables the building to act mostly as a cantilever, with the axial deformation
of columns accounting for 80% of the lateral deflections. By contrast, in a typical
moment resisting frame construction, only 10% of the lateral deflections are due to
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Fig. 2.22 The John Hancock Center, Chicago. Credit: Antonio Perez, Chicago Tribune
column shortening and lengthening and 90% of the deflections are caused by racking
or column bending (i.e. shear deformations).
Office buildings need large spanning open floors, whereas apartments cannot so
effectively use a large area, as each apartment needs access to an exterior wall for
light and (sometimes) for ventilation. The building tapers with height to allow for
large spanning offices in the broader bottom half, and apartments in the narrower top
half (Khan (1983)). The trussed tube requires a continuous form; hence, sleek lines
were necessary (instead of setbacks) to achieve a tapering of the cross-section. The
tapering means that the building has the largest cross-section at the building’s base
(contributing to a greater stiffness) where the stresses from wind forces are the largest,
and the narrower top gives the building a small face at the levels where the building
will be exposed to the highest wind speeds and therefore the highest forces.
The braced tubular form meant that the structure was extremely light for its size,
using just 30 lbs of steel per square foot (146 kg/m3 ), which was the typical economy
for a tower of half the height at the time (Khan (1983)). Semi-lightweight concrete slabs
of 5.5 inches (140 mm) deep were used for the floors, and the maximum column sizes
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Fig. 2.23 The Gherkin, London. Credit: Hufton + Crow
were 36 by 36 inch (914 mm) steel H beams (IABSE Periodica (1982)). The bracing
of the John Hancock Center is estimated to have saved 27,000 tonnes of structural
steel versus a portal frame design (by comparison, the total amount of steel used for
construction was just 41,000 tonnes (Engineering News Record (1965)).
At the time of the design in 1965, the building codes were not equipped to deal
with vibrations from winds loads for such tall buildings, so, for the analysis, Khan
set the wind pressure at 25% higher than required by the Chicago Build Code (Khan
(1983)). The lateral deflections at the roof were calculated to be 12 to 15 inches (305
to 381 mm) under a typical maximum wind for Chicago (which equates to 65 mph or
29 m/s at ground level), and the predictions were verified using wind tunnel testing
(Engineering News Record (1965)). The structure was also tested for wind speeds of
up to 100 and 150 mph (45 to 67 m/s) and was expected to be safe at these extreme
velocities, which had never been recorded in Chicago at the time and have not since
(National Weather Service (2021)). Unfortunately, deflections for these velocities were
not provided in the article by Engineering News Record (1965).
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Fig. 2.24 The Gherkin under construction, showing the steel diagrid and internal
vertical columns. Credit: New Steel Construction

2.7.2

The Gherkin, London

London’s 30 St Mary Axe, better known as the "Gherkin" for its distinctive shape, is a
180 m tall cylindrical office building designed by Norman Foster and engineered by Arup
(Munro (2004)). As the building’s height increases, the external diagrid shell extends
in width from 48 m at the base, up to 58 m on the 17th floor, before tapering to 30 m
on the 38th floor and culminating with a dome for the roof. The floor plates change in
size at each level, so vertical columns were not compatible with the design’s unique
architecture. Instead, a steel diagrid was required to meet the geometric constraints of
the Gherkin. The building’s three-dimensional geometry is well suited to parametric
design as the majority of the structure can be described by just a small number of
geometric parameters. In the design process, numerous three-dimensional models were
generated by varying these parameters to find an optimal design for the clients.
Two sets of 18 diagrid columns intertwine on each level, spiralling in opposite
directions up the building’s height. The angle of the diagrid columns change with the
building’s diameter (larger floors requiring a shallower angle to extend around the full
perimeter) and also to accommodate the difference in floor diameter between levels.
Each diagrid column covers two floors, each 4.15 m high. Hollow steel tubes are used
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for the diagrid columns, varying in diameter from 508 mm at the base to 273 mm on
the 38th floor. Horizontal hoop beams connect the columns at their intersections and
stabilise the shell. Instead of concrete slabs, "Ribdeck 80" floors are used; these are a
relatively lightweight combination of steel ribbed decks and concrete infill which is just
130 mm deep. The ribbed deck provides stiffness for long floor spans and improved
floor dynamics.
The hoop beams and diagonals form a stiff triangulated shell-like structure, which
eliminates column and beam racking. The diagrid derives its shear rigidity from axial
column shortening and lengthening, giving it a high resistance to shear deflections
which means the structure does not require a concrete core. Instead, the Gherkin has
an open framed steel core, of 28 m diameter, to support some dead and live load, but it
does not need to resist lateral loading. A 22 m glazed dome sits atop the main diagrid,
containing the 39th and 40th floors. The dome is exceptionally stiff and only requires
steel sections of just 110 x 150 mm.
The tubular diagrid structure is sufficiently stiff that the strength criterion governed
the column sizes, and the maximum deflection from wind loading is just 50 mm. The
circular cross-section has a low drag coefficient and although no specific values for
wind-induced accelerations were available, (Munro (2004)) lists the building as having
"a very good overall dynamic performance".

2.7.3

The Shard, London

At 304 m tall, The Shard in London is Europe’s tallest skyscraper. The building
is conceived as a "vertical city" housing a combination of retail, offices, restaurants,
apartments, a hotel, a viewing gallery and even a hospital, across 72 occupiable floors
(Parker (2013)).
Similarly to the John Hancock Centre, the building tapers with height to use
the changing floor spans for different occupancies; offices can utilise the 15 m span
between the core and exterior on lower floors, whereas apartments and hotel rooms
are better suited to the shorter spans on the upper floors which reduce to a minimum
of 9 m (Ferguson (2012)). As well as the floor plans, the structural material also
varies throughout the height of the building. Steel beams and columns are used on
the lowermost 40 floors, to allow for plenty of space between deep floor beams to
accommodate the services required for office use. Steel plates with a 130 mm layer
of concrete, provide reasonably lightweight floors on the lower levels. On levels 41
to 72, a concrete structure, of high strength beams and columns and 200 mm deep
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Fig. 2.25 The Shard, London. Credit: Jamie Street
post-tensioned floor slabs provides a good acoustic performance for the hotel rooms
and apartments on these levels, whilst also contributing extra mass and damping to
help the building’s dynamic performance under wind loading. Floors 73 to 95 have
very small floor plates and are unoccupied, except for some building services. A 60 m
steel spire starting at floor 73 and weighing 530 tonnes, makes up the remainder of the
building. It was pre-assembled in sections and craned to the top.
A concrete core acts as an internal lateral stability system for the first 72 storeys
of the Shard. Wing walls extend outwards from the core on the lower levels to increase
the building’s stiffness at its base (Parker (2013)). The vertical structure is a mixture
of internal and external (sloping) columns that run throughout the building’s height.
On the 66th to 68th storeys, a "hat truss" connects the core to perimeter columns via
diagonal steel members. The hat truss helps ensure that perimeter columns are fully
engaged to resist bending as the building sways; this is essentially an outrigger system
with just one outrigger required thanks to the triangular elevation of the skyscraper
(Ferguson (2012)). The hat truss could only be tightened into place once the majority
of construction had been completed and settlements, creep, elastic deformation and
any shrinkage due to loading, had taken place.
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Fig. 2.26 432 Park Avenue, New York. Credit: Enclos
At gusts of 100 mph (45 m/s), the Shard is expected to sway by up to 300 to 400
mm (Ferguson (2012)). Aeroelastic wind tunnel analysis by RWDI (Xie et al. (2008))
showed that the building meets the ISO one-year comfort criterion with accelerations
of 0.111 m/s2 , but with predicted accelerations of 0.156 m/s2 would slightly exceed the
criterion by Isyumov (1993) of no more than 0.17 m/s2 for a 10-year wind. The first
two modes are translational with periods of 5.39 and 5.27 seconds and the third mode
is torsional. A damping level of 1.5% was assumed for the Shard, although sensitivity
analysis was also performed by varying the damping ratio and natural frequency. The
63rd floor is the highest residential floor; higher floors were considered less critical as
they are occupied with observation decks (Parker (2019)). Visitors on these floors are
only there for a brief period, they are upright and can leave if they feel unwell: they
do not need to work or sleep there.

2.7.4

432 Park Avenue, New York

At 426 m tall and with a base of just 28.5 m, 432 Park Avenue is extraordinary for
its dimensions. The tower, which has an aspect ratio of 15:1, was designed by Rafael
Viñoly and engineered by WSP and is one of a new breed of "super-slender towers"
emerging in New York (Marcus (2015)). Due to its slenderness, numerous sophisticated
structural interventions were necessary to limit its sway and vibrations under wind
loading. New York’s super-slender towers are the product of the high demand for space
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and the expensive real estate market in Manhattan; the penthouse of 432 Park Avenue
sold for 88 million dollars (Walker (2016)). Building a slender skyscraper on a small
plot of land, is only economically viable when its apartments can be sold for tens of
millions of dollars, to be able to cover the high material and constructions costs of
such a tower.
The lateral load resisting system of 432 Park Avenue is the combination of a core and
a tubular frame, connected via a series of outriggers. The 9 x 9 m reinforced concrete
core provides the building’s shear rigidity and has walls varying in thickness from 760
mm at the base to 300 mm at the top (Guppy (2016)). The outer frame of columns
and beams (also reinforced concrete) are spaced evenly on a "basket grid", providing
flexural stiffness for the structure. The floor arrangement is consistent throughout the
building’s height and the floor plans remain column free between the core and outer
edge, creating an open space which is desirable for the apartments. The width of the
columns and beams are 1120 mm throughout the building, creating a consistent grid on
the exterior, with large 3 x 3 m windows filling the spaces in between (Seward (2014)).
The depth of columns decreases from 1630 mm at the base to 510 mm at the top. With
only a narrow base, extremely large sections have been necessary to provide sufficient
stiffness. Modern high strength concrete has also helped provide additional stiffness;
14,000 psi (96.5 MPa) concrete is used for first 40 floors, 12,000 psi (82.7 MPa) for
floors 40 to 51 and 10,000 psi (68.9 MPa) for floors 51 to 88 (Nasvik (2015)).
On every 12th floor, the external tube (the basket grid of beams and columns) is
connected to the internal tube (the core), via stiffening beams and concrete walls across
two storeys. These act as outriggers to ensure that the two tubes are fully engaged for
optimal flexural stiffness (Guppy (2016)). The outriggers purportedly increased the
structural rigidity of 432 Park Avenue by 26% (Durst et al. (2015)). Additionally, the
floors act as diaphragms to transfer lateral load from the perimeter to the core; 254
mm deep concrete slabs are used for most floors, but the depth increases to 457 mm
on the upper levels, adding mass to help with the building’s dynamics.
Due to its slenderness, 432 Park Avenue is particularly susceptible to vortex shedding,
which results in across-wind accelerations. Every twelve floors, there are two storeys
to house services (these are the same levels as the outriggers). The services are housed
in a circular drum, and the gaps between the exterior beams and columns are left
open, without windows. These gaps, at intervals throughout the height of the building,
break up the vortices and are enough to reduce the across-wind accelerations by 50%
according to WSP et al. (2016) and Marcus (2019). Interestingly, the engineers found
that gaps larger than two storeys made no further difference. There are also two tuned
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mass dampers on the 84th floor, each weighing 1300 tonnes (Guppy (2016)), providing
an extra 4.0% damping (6.0% in total, when including structural damping) which
further reduce the building’s vibrations (WSP et al. (2016)).
A lecture by WSP et al. (2016) to the UK’s Institution of Structural Engineers
gives specific details on the response of 432 Park Avenue to wind loading. A peak
acceleration of 18 milli-g is predicted for a ten-year return period with a first mode
period of 13 seconds. Silvian Marcus (2019) confirmed, in conversation, that the
building has H/500 stiffness and explained that to help meet the comfort criteria they
added 10% extra mass (via the deep floors on the upper levels). If they had instead
tried to meet the criteria with stiffness alone, then five times the current stiffness
would have been required. Additionally, the wind tunnel testing showed that the drag
coefficient was more than 20% lower than the building codes suggested.

2.7.5

What aspects of modern skyscraper design can be applied to tall timber buildings?

Detailed analysis of the four skyscrapers in their current form is shown in Chapter 5.
Analysis of the same structures, but incorporating timber, are tested across a range of
heights in Chapter 6. They have been selected to cover a range of structural typologies
which have proven successful enough to undergo construction in traditional materials.
With a vast number of available structures available to consider, these four were chosen
thanks to the literature available. The typologies considered are:
• The diagrid of the Gherkin
• The braced tube of the John Hancock Center
• The concrete core and hat truss of the Shard
• The tube in tube with outriggers of 432 Park Avenue
It is worth noting that these structures have not been selected because they are all
expected to be ideal concepts in timber, but instead capture a range of internal and
external, and braced and unbraced systems. As well as their fundamental structure,
each building has used additional strategies to resist wind loading, which could also be
applied to timber towers. These include a streamlined shape (the Gherkin), tapered
cross-section (the Shard, the Gherkin and the John Hancock Center), interruption of
vortices (432 Park Avenue), deep upper floors for additional modal mass (the Shard
and 432 Park Avenue) and additional damping (432 Park Avenue).
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Fig. 2.27 A close up of the service floors of 432 Park Avenue, without windows, which
help to reduce correlated vortex shedding Credit: DBOX for Macklowe Properties and
CIM Group

Chapter 3
Methodology
This chapter sets out the methods used for the analysis in Chapters 5 to 7 and also
some alternatives that were considered but not chosen. Each building is analysed
against a set of essential criteria, including their strength, stability and performance
under wind loading. As this thesis primarily focuses on the dynamic performance of
timber building under wind loading, this chapter concentrates on different methods of
assessing their structural dynamics and calculating their response, namely their peak
accelerations and deflections.

3.1

Design Criteria

Modern codes will typically require the analysis of a building against a series of
combinations of dead, live, wind, snow, rain and seismic loads. As Section 3.7 later
explains, the process of designing timber versions of existing skyscrapers has been
significantly simplified to make the analysis of a large number of different buildings
feasible within the scope of this project. These buildings should not be considered
a fully detailed design, whereby every member and connection have been rigorously
examined, and the building is ready to build. Instead, it is the global behaviour of the
building that is of primary interest. For these concept designs, it is merely necessary
to understand that the buildings will be strong enough to stand up, stiff enough to
resist excessive deflections, sufficiently stable to resist overturning and P-delta effects
stable enough for occupants to remain comfortable and not notice any wind-induced
vibrations. Additional considerations such as creep, robustness, shrinkage, temperature
effects, fire risk, foundation settlement and soil-structure interaction have been ignored
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to simplify the design procedure and to ensure a level playing when comparing different
structural typologies across a range of locations.

3.1.1

Strength

The first and most pressing consideration for tall building design is to ensure that the
structure at any level will be strong enough to support the weight of the building above
(the dead load) and everything in it (the live loads). Strength is an ultimate limit state
(ULS) criterion meaning that it is a requirement that the building is designed to be
safe for occupancy. To achieve this criterion, the building is designed such that no
elements are subject to high stresses under the design loads (dead and live).
Dead loads are calculated from the structure’s mass, including provision for the
facade, floor build-up and partitions. A partition load of 0.8 kN/m2 has been included
for all floors, and also 0.8 kN/m2 across the facades, based on Smith and Wallwork’s
recommendations (unless otherwise specified by the plans for each building).
Live loads will vary significantly depending on the expected use of a specific area
of the building. ASCE 7-16 recommends live loads of 2.4 kN/m2 for offices and 1.92
kN/m3 for residential; however alternative areas such as lobbies, corridors, dining
rooms or gyms, would require larger live loads. The Eurocodes suggest 2.0 to 3.0
kN/m2 for offices and 1.5 to 2.0 kN/m2 for residential. For simplicity, a live load of 2.0
kN/m2 has been assumed for residential floors and 2.5 kN/m2 for office floors, unless
otherwise stated.
A safety factor γi is calculated for each level by considering the combined strength
across all structural elements j on a floor i, divided by the weight W (dead and live
load) of all the floors above, from floor i+1 to the uppermost floor s. The smallest
value of γi is taken as the safety factor for the building. Typically this will occur on
one of the lowermost floors.
Pn

Aj σ j
i Wi+1

γi = Pjs

(3.1)

Safety factors have varied significantly over time and between different countries
(Beal (2011)), although they typically lie within 1.5 to 2.0. Different factors may also
be applied to different loads; for example, ASCE 7-16 requires a load factor of 1.2 to
dead loads and 1.6 to live loads to reflect the greater variability in live loads, whereas
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in Eurocode 0, the equivalent factors are 1.35 and 1.5 respectively. British Standards
were more conservative, with factors typically ranging between 1.65-1.80.
As this project examines buildings from both Europe and the United States, the
safety factor for an existing building is checked using an ELFP spreadsheet model
(described in Section 3.2.5 below), firstly to ensure that it is a reasonable value and
then to identify if strength or stiffness has been the limiting criteria. When a steel or
concrete building is switched into a timber concept design, the timber building’s safety
factor should not be lower than that of the original building (if strength is the limiting
factor).

3.1.2

Stiffness

Ensuring that tall buildings are stiff enough to limit deflections to an acceptable
level is a major consideration for their design. The bending moment that must be
resisted at the structure’s base is proportional to the square of the building’s height,
and the wind pressure on the uppermost storeys will be the largest as wind speeds
increase with distance above the ground. Therefore controlling the sway becomes a
more dominant criterion for a building the taller it is. Firstly, as an ultimate state
criterion, lateral deflections must be minimised to prevent second-order P-delta effects
due to gravity precipitating a collapse (Stafford Smith and Coull (1991)). Secondly, as
a serviceability limit state criterion (SLS), it is necessary to limit deflections to ensure
that the building can function as intended. Considerable sway of a building may make
elevators inoperable and doors unable to open smoothly; cause cracking that might
alter the intended load paths; induce local deformations in facades such that they lose
their weather-tightness, or cause occupants to become aware of the movement and
experience motion sickness.
Although many building codes specify an inter-storey drift ratio (Smith (2011)),
specifications for the drift limit for the tip of the building are typically less stringent. The
height, intended use and structural material are likely typical feed into considerations.
Although ASCE 7-16 and Eurocode 1 do not stipulate an allowable drift limit, ASCE
7-16 does recommend that deflections be limited to approximately 1/600th to 1/400th
of the building’s height. The National Building Code of Canada (NRCC (2015))
specifies a tip displacement of 1/500th of the building’s height when subjected to
a 50-year design wind. For the design of buildings in this thesis, the traditionally
accepted ratio of deflections that are 1/500th of their height (H/500) will be used as a
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minimum requirement of global stiffness. As mentioned in Chapter 2, this ratio dates
back to at least the construction of the Empire State Building (Morris et al. (1931)).

3.1.3

Stability

Aside from causing displacements, the wind actions on a building can affect its stability
if incorrectly designed. A fundamental requirement is that lateral wind forces do not
cause a building to topple about an edge of its base (Stafford Smith and Coull (1991)).
If this is a plausible situation, then the base connections must be designed for uplift
forces and load reversal to keep the building stable. However, it is far more preferable
if these are not required. The total overturning moment exerted by the wind about the
base is calculated and compared to the restoring moment. The overturning moment is
the sum of the wind force Fi of each storey multiplied by its height hi and the restoring
moment is the product of the total mass M of the building and half its width b/2.
As a precaution, the overturning ratio λ should not drop below 1.5; this should be
checked in both directions of the building. Overturning is likely to more problematic
for a lightweight timber building than for traditional, heavier structures.

λ=

Mrestoring
mb gD/2
= P
Moverturning
Fi hi

(3.2)

As mentioned earlier, an initial displacement can result in P-delta effects, whereby
the eccentric loading of the building’s mass can cause it to deflect further. This is a
geometric non-linearity, which is typically very small for most tall buildings; however,
if a building is exceptionally flexible and heavy, then this second-order effect could
cause collapse. A displacement of a vertical cantilever, subjected to a horizontal load F
will be magnified by an amplification factor AF (Timoshenko and Gere (1961)), where
Fcr is the critical load to cause buckling.

AF =

1
1 − FFcr

(3.3)

LeMessurier (1977) provides a simple equation for checking the second-order P-delta
effect for a tall building of density ρb , subjected to a wind pressure q, where D is the
length of the building parallel to the wind and H/∆ is the drift ratio.
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AF =

3.1.4

1
1−

ρb D
qH/∆

(3.4)

Dynamics

For traditional heavy skyscrapers with a masonry frame, a drift ratio of H/500 was
typically sufficient to control the buildings dynamic response to wind loading. Under
dynamic wind pressures, a building will oscillate either in along or across-wind directions
or perhaps torsionally. For modern lightweight structures, this motion may be large
enough to be perceptible and uncomfortable to occupants, even if the building is
sufficiently stiff (see Section 2.2). For lightweight timber structures, human comfort is
often the most critical design criterion; hence, most of this chapter is devoted to its
calculation.
Human comfort is a serviceability criterion that can be assessed by calculating
the expected peak acceleration over a given time period and comparing it against
recommended values based on human perception. Two criteria will be used for this
thesis; the NBCC 2005 criterion limits the ten-year peak acceleration to 15 milli-g for
residential occupancy and 25 milli-g for office use, and the ISO 2007 criterion, shown in
Figure 2.6, which gives a frequency dependent acceleration limit for a one-year return
period. The peak acceleration should be checked in both principle axes and for both
along and across-wind accelerations. Torsional accelerations are ignored in the codes,
as lateral modes are typically dominant; however, higher-order modes will be accounted
for using AWind (a Matlab script for computing the dynamic response of structures
to wind loading, explained in more detail in Section 3.4.3). The design wind speeds
from ASCE 7 and Eurocode 1 are based on a 50-year return period, so they must be
modified using a probability factor to represent the shorter return periods.
For the purposes of this thesis, only the dynamic response from wind loading is
considered. Seismic analysis is omitted as it is less critical for the given locations
of the buildings, and the seismic design of tall timber buildings could reasonably be
considered a separate area of research.
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Structural dynamics

The structural dynamics of each building are investigated using both an equivalent
lateral force procedure (ELFP) spreadsheet model and a finite element model. Although
finite element analysis can be immensely powerful for the structural analysis of complex
structures; it can be challenging when attempting to draw insight from the structure.
However, to create a spreadsheet model of a complex three-dimensional building that
can produce a reasonable estimate of the structural dynamics requires some trial and
error. Using both the ELFP spreadsheet and finite element model together and trying
to align their results, it is possible to decipher how the structure achieves its modal
properties. Graphics in the FE model can show the forces in individual members
and how they deflect under lateral loading; this helps inform the construction of the
ELFP model by showing which elements contribute to flexural stiffness or shear rigidity.
The equivalent lateral force procedure, upon which the spreadsheet model is based,
separates the shear and flexural mode shapes. By summing the two and comparing the
resulting shape to the mode shape from finite element analysis, it is then possible to
verify the ELFP model’s accuracy and determine how much of a building’s deflections
are due to bending and how much are due to shear.
This section details the analysis of both the ELFP model and finite element analysis.
The fundamental principles of a single degree of freedom (SDOF) model are explained,
as well as their application to a cantilever with distributed flexibility. The generalised
equations for a cantilever can be a good approximation to tall building dynamics,
provided that the majority of the building’s deflections are due to bending rather
than shear. Finally, this section looks at multi-degree of freedom systems and the
equivalent lateral force procedure (ELFP) as methods of describing each building that
include both shear and flexural displacements. The ELFP is chosen for its simplicity
and ability to produce distinct mode shapes for shear and bending. Determining the
flexural stiffness is reasonably straight forward using the parallel axis theorem and
considering the area of contributing members and their distance from the building’s
central axis. However, calculating shear rigidity is slightly more awkward and will
depend on the layout of the structure running parallel to the direction of the wind.
This structure might be a shear wall, diagonal bracings, or the beams and columns of
a moment resisting frame, but the structural rigidity of each can be determined using
the principle of virtual work.
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3.2.1

Single degree of freedom model

The motion of a single degree of freedom mass-spring system, subjected to a timedependent force, F (t) can be described by the equation below based on Newton’s
second law, shown in Figure 3.1. The displacement u, of the mass m, is resisted by a
spring with stiffness k and damped by a dashpot with a coefficient of viscous damping
c.

mü + cu̇ + ku = F (t)

(3.5)

Equation 3.5 can be re-written in the form

ü + 2ζ1 (2πn1 )u̇ + (2πn1 )2 u =

F (t)
m

(3.6)

where the natural frequency n1 (in Hz) is dependent on the mass and stiffness of the
system

1
n1 =
2π

s

k
m

(3.7)

√
and ζ1 is the fraction of the critical damping coefficient 2 km
c
ζ1 = √
2 km

3.2.2

(3.8)

A Generalised SDOF: Cantilever with distributed flexibility

A cantilever can be a simple approximation for a tall building that could have an
infinite number of degrees of freedom; however, it is also possible to approximate its
motion to that of a SDOF system by assuming that it will only deflect in one shape
ψ(z), with a time-dependent amplitude, A(t), where z is the height above the base
(Clough and Penzien (1975)). Hence the lateral displacement u(z,t) of the cantilever
can be described as
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(a) SDOF system

(b) Free body diagram of forces

Fig. 3.1 Single degree of freedom system with spring and dashpot

Fig. 3.2 Continuous SDOF system for a cantilever subject to lateral load
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u(z, t) = ψ(z)A(t)

(3.9)

By considering the total kinetic and potential energy of the system, an undamped
cantilever, subject to a lateral load, can be described by the equation of motion

m∗ A(ẗ) + k ∗ A(t) = f ∗ (t)

(3.10)

where the generalised mass and stiffness are

m∗ =

H

Z

m(z)ψ 2 dz

(3.11)

EI(z)(ψ ′′ )2 dz

(3.12)

0

∗

k =

Z

H

0

and the generalised force is

f ∗ (t) =

Z

H

f (z, t)ψ dz

(3.13)

0

Using Rayleigh’s Quotient, and assuming that the mode shape is correct, the natural
frequency of the cantilever is

1
n1 =
2π

s

v
uR

H
′′ 2
1u
k∗
t 0 EI(z)(ψ ) dz
=
R
H
2
m∗
2π
0 m(z)ψ dz

(3.14)

A suitable mode shape, ψ(z), must be chosen to calculate the generalised mass and
stiffness, which are also known as modal mass and stiffness. If a cantilever is subjected
to a uniform static load, its shape can be expressed as

ψ(z) =

1
(z 4 − 4H 3 + 3H 4 )
4
3H

(3.15)
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Substituting this mode shape into Equations 3.11 and 3.12 results in the following
modal masses and stiffnesses for a cantilever with constant mass distribution m(z) and
stiffness EI(z).

m∗ = 0.257mH

k ∗ = 3.2

(3.16)

EI
H3

(3.17)

A skyscraper subjected to lateral wind loading can be approximately described
using this continuous single degree of freedom system by estimating the building’s
stiffness and mass distribution and selecting a suitable mode shape. If a building has
a complex distribution of mass and stiffness throughout its height, then it may be
preferable to compute its natural frequency in a discrete form by lumping the masses
Mi and flexural stiffness EIi of each story over the number of storeys s and the storey
height hi , using the equation below.

n1 =

1
2π

s

k∗
m∗

v
u Ps
′′ 2
1u
i=0 EIi (ψ )i hi
t P
=
s
2

2π

i=0

Mi (ψ)i

(3.18)

The primary issue with this formulation is that only the flexural stiffness is included.
Flexural stiffness is sufficient to describe a solid cantilever’s deflections, but for a
hollower and more complex structure like a skyscraper, shear displacements must also
be considered.

3.2.3

Multi-degree of freedom systems

An alternative approach, which can consider a variation in shear rigidity throughout
the building, is a multi-degree of freedom system. The individual storeys and columns
can be considered as a series of masses connected by springs. For the system shown in
Figure 3.3 the governing equation of motion would be

Mü + Ku = 0

(3.19)
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where





m1 0
0



M =  0 m2 0 

0
0 m3

(3.20)

and





k1 + k2
−k2
0



K =  −k2
k2 + k3 −k3 

0
−k3
k3

(3.21)

Substituting a solution of the form

u = Ψ sin(ωt + α)

(3.22)

into Equation 3.19, where ω is the radial natural frequency, and Ψ is the amplitude,
gives

(K − Mω 2 )Ψ = 0

(3.23)

Eigenvector analysis can be used to find the natural frequencies ω and the mode
shapes Ψ, of multiple modes, where ω are the eigenvalues and Ψ are the eigenvectors.
Using Euler beam theory, it is also possible to formulate stiffness matrices for a
series of connected beams to describe flexural behaviour. As the slope of a continuous
beam also contributes to displacements, the stiffness matrix must include rotations.
This method is used by finite element programmes to compute the deflections of
complex networks on connected elements. A single element can be described by a local
stiffness matrix K, that relates the shear forces and moments (Q1 , M1 , Q2 and M2 )
to the deflections and rotations due to bending (u1 , θ1 , u2 and θ2 ) at the end of the
element:
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(a) Multi-storey building

(b) Equivalent system of masses and springs

Fig. 3.3 Multi-degree of freedom system
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(3.24)

where the stiffness matrix K can be derived as





12
6L −12 6L



EI  6L 4L2 −6L 2L2 

K= 3 


L 
−12
−6L
12
−6L


2
2
6L 2L −6L 4L

(3.25)

To derive an entire building’s stiffness requires the amalgamation of local stiffness
matrices from each element to build a global flexural stiffness matrix for the entire
building. Once assembled linear modal analysis can be performed (by determining the
eigenvectors and eigenvalues of the global matrices), provided that the building is not
have geometrically non-linear (which would require revisions to the stiffness matrix).
Alternatively it could be possible to form a matrix of the global shear stiffness for
each level of a building (described above using the lumped mass method) which could
then be combined with a global flexural stiffness (describing the stiffness of each floor
as if it were a single element) to provide a combined matrix that governs the building’s
global behaviour. The shear deflections of a structural section are calculated using the
equations in Sections 3.2.4 and 3.2.4 below, based on shear rigidity GAi of a storey.
The shear and flexural stiffness are in series rather than in parallel (so the inclusion
of shear stiffness does not make the structure stiffer but more flexible), which results
in bulkier equations for each entry kij of the matrix, as the reciprocals of shear and
flexural stiffness, must be added together using

1
1
1
=
+
kij
kSij
kBij

(3.26)

where kSij are the entries for a global matrix of shear stiffness and kBij are the entries
for a global matrix of flexural stiffness.
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Furthermore, the shear displacements may sometimes only be calculated across
several storeys, if for example, a cross-bracing spans numerous levels, which would
require further manipulation to be compatible with the global flexural matrix. Due to
the complexities of a combining shear and flexural matrices to describe each storey
of the building, the equivalent lateral force procedure has instead been chosen as the
most suitable alternative for generating approximate mode shapes to compare against
the ETABS finite element models.

3.2.4

Equivalent lateral force procedure

Instead of formulating a complex three-dimensional building into matrix form, a
considerably more straightforward and more intuitive approach is to use the equivalent
lateral force procedure (ELFP), also known as Rayleigh’s Method, recommended by
Newmark and Hall (1982), Stafford Smith and Coull (1991) and NRCC (2015). This
method was chosen as the preferable method to approximate the translational of the
case study buildings in this thesis, as it consistently gave good results compared to
finite element analysis, and its simplicity helped provide insight into the workings of
the structure. Shear and flexural displacements are calculated separately, highlighting
how different structural elements contribute to the building’s total displacements.
Similarly to the general solution for a SDOF cantilever described above, the ELFP is
only suitable for first mode lateral deflections. This is a disadvantage by comparison
to eigenvector analysis of a stiffness matrix. However, as lateral modes (which are
translational as opposed to torsional) are the dominant modes of all the case studies,
this is not a significant issue, and the higher modes are easily calculated using finite
element analysis.
Instead of equating the potential energy of a deflected building to its kinetic energy,
as shown earlier, the ELFP is based on the work done to displace the building. A
series of forces Fi are applied at each storey, and the resulting displacements ui are
calculated. The forces are then scaled such that the maximum displacement, u(H)
equals unity. The normalised displacements ui provide a very approximation to the
translational mode shape ψi . This results in Equation 3.27 for modal stiffness, where
k∗ approximately represents the force required to induce a unit displacement at the tip
of the building.

∗

k =

s
X
i=0

Fi ψi

(3.27)
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The modal mass is the same as the discrete model, described by Equation 3.18, but
with ui replaced by ψi .

m∗ =

s
X

mi ψi2

(3.28)

i=0

And thus, the first mode frequency is

P

1
Fi ψi
n1 =
P
2π
mi ψi2

!1

2

(3.29)

The displacements ui are the combination of both shear and bending displacements.

ui = uSi + uBi

(3.30)

Flexural displacements
To calculate the bending deflection uBi , first EIi (the Young’s modulus and second
moment of area of contributing elements) are determined at each level. The EIi at
each storey is calculated using the parallel axis theorem, taking the area Aj and
second-moment Ij of n number of vertical elements, i.e. columns, bracings and walls,
about the central axes of the building, at a radius of rj for each element.

EIi =

n
X

Ej (Ij + Aj rj2 )

(3.31)

j=0

As Aj rj2 is typically far greater than Ij for any element away from the central axis,
Equation 3.31 can be simplified to

EIi =

n
X

Ej Aj rj2

(3.32)

j=0

Equation 3.32 above assumes that all vertical elements contribute to the overall
bending stiffness. In fact, due to the structural design, some elements may not be fully
engaged. This assumption can be checked by applying a lateral point force F to the
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building’s tip (at height H), and using the equation below to find the expected stress
in an element.

σj =

F Hrj
Ii

(3.33)

This process relies on inputting a value for Ii , which is not yet known, so in practice
it is an iterative process. All columns should be assumed to contribute and their
expected stresses compared to those in the finite element model. Shear lag will mean
that the actual stresses can be both higher and lower than those predicted by Equation
3.33, due to an uneven stress distribution across the connected members. For example,
in a series of columns connected by a beam, the central columns may exhibit lower
stresses than expected due to the beam bending, and therefor inducing less strain in
the central members. If any column or bracing stresses are significantly lower than
expected, then it may be appropriate to exclude them from, or reduce their contribution
to, the global stiffness.
Next, the bending moment MBi at each level is calculated. MBi can be derived
as the product of all the storey forces Fi+1 and above and their corresponding storey
heights h, minus the product of all the storey forces Fi+1 and above and the current
storey height hi .

MBi =

s
X

Fk (hk − hi )

(3.34)

k=i+1

Finally, given that

−

MBi (z)
d2 uBi (z)
=
EIi (z)
dz 2

(3.35)

The bending deflection uBi at each storey is found by integrating MBi /EIi twice
with respect to z to generate the overall deflection at each storey due to bending.

duBi−1
duBi
d2 uBi
=
(h
−
h
)
+
i
i−1
dz
dz 2
dz

(3.36)
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uBi =

duBi
(hi − hi−1 ) + uBi−1
dz

(3.37)

Shear displacements
From Stafford Smith and Coull (1991), the shear drift δSi of each level is a function of
the shear rigidity GAi in the plane parallel to the force, the storey height hi and the
shear force Qi at storey i.

δSi =

Qi hi
GAi

(3.38)

The total shear displacement at each level is

uSi = δSi + uSi−1

(3.39)

The shear force Qi is simply the summation of the forces Fk applied to all storeys
above and including storey i.

Qi =

s
X

Fk

(3.40)

k=i

Shear rigidity
The final step to calculate a tall building’s deflections is to determine its shear rigidity.
Because flexural and shear stiffness run in series, it is vital that the design of a tall
building considers both. For example, shear displacements would dominate the total
tip deflection of a building with a high EI but a low GA.
Equations for shear rigidty GA/h for different structures are listed in Table 3.1 and
can be derived using the principle of virtual work. Stafford Smith and Coull (1991)
lists the formula for all the elements in Figures 3.4, 3.5 and 3.6.
The equations in Table 3.1 can be considered as a "shear K", given that Equation
3.38 can be arranged to Q = (GA/h)δ; an equivalent formula to F = Ku. The definition
of dimensions will vary slightly for each element (see Figures 3.4 to 3.6), although
typically L is the horizontal length of an element; t is wall thickness, d is the length
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Table 3.1 Shear rigidities of different structural systems
Structure

Element/Type

GA/h (N/m)

Moment resist- Columns
ing frame
Beams

Braced frame

Single diagonal

Double diagonal

K-braces

Shear Walls

P

12

EIcj

h3s
12

(3.41)

P
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(a) Single diagonal

(b) Double diagonal

(c) K-brace

Fig. 3.4 Bracing systems
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(a) Beam flexure

(b) Column Flexure

Fig. 3.5 Deflections of beams and columns in a moment resisting frame

3.2 Structural dynamics

Fig. 3.6 Shear deflection of a coupled shear wall
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of a diagonal and hs is the storey height. The subscripts c, g and d denote columns,
girders and diagonal elements respectively.
The buildings analysed in this thesis often combine different elements which provide
shear rigidity. For example, the John Hancock Center can be approximated as five
blocks of double diagonal bracings, with an additional K-brace storey at the top. As
well as stacked elements, each storey might also utilise numerous elements in parallel;
for example, the shear rigidity of a moment resisting frame can be calculated by
summing of the rigidity of all columns and beams in the plane parallel to the direction
of displacement.

3.2.5

ELFP Spreadsheet model

The discrete ELFP (consisting of Equations 3.27 to 3.47) is computed in an Excel file
for each case study building. Each row of the spreadsheet describes the structural
makeup of a storey of the building, the forces and moments applied to that storey,
and its resulting response. By computing each storey individually, a large amount
of information about the building is captured in a relatively easy to use format. For
each storey i, the mass mi , stiffness EIi and shear rigidity GAi of all the structure on
that level is determined. The mass per level is calculated by summing the mass of all
structural elements, facades and floor build-up, as well as 10% of the design live load,
to capture a reasonable estimate of the building’s mass when occupied and furnished.
EIi and GAi are calculated by considering as fully as possible how structural elements
on each level will contribute to either value.
An input force Fi is applied to each level, from which the shear force Qi and bending
moment MBi on each storey are calculated. Using Equations 3.35 to 3.37 the flexural
displacement at each level is determined from the bending moment. Similarly the shear
deflections are calculated using Equations 3.38 to 3.40. The shear rigidity at each
level must be carefully considered by selecting and summing the appropriate elements
from Table 3.1. Some shear elements may span multiple levels, in which case their
displacements are calculated at the top of each section and then averaged across the
storeys below.
Once the tip deflection uh is calculated for a building, the input forces Fi are
then re-scaled such so that uh = 1. The input force required to achieve this is Fi /uh .
With known input forces, deflections and masses, the modal mass, modal stiffness and
natural frequency are calculated. It is necessary to normalise the tip deflection to a
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unit displacement so that the modal mass and modal stiffnesses can be compared on a
like for like basis between different buildings.
By separately calculating shear and bending deflections, two mode shapes (which
are not normalised) are generated, which then sum to form a normalised total mode
shape. Calculating shear and flexural shapes separately is extremely useful for two
reasons; firstly, the combined mode shape can then be compared to the shape generated
by finite element analysis to check the cohesion of the two modelling methods (ELFP
and FE). Depending on the difference between ELFP and FE, it is possible to identify
if the ELFP spreadsheet model should have more or less shear rigidity or flexural
stiffness. If the two methods generate vastly different mode shapes (or values of modal
mass and stiffness), then it is evident that the methods are not lining up well. There
might be some mistake in the structure inputted into the FE model, or the assumptions
about which elements contribute to the flexural stiffness or shear rigidity in the ELFP
model may be incorrect. Secondly, although the finite element model can compute the
mode shapes and structural stiffness, it cannot identify how much of the deflection
is due to shear and how much due to flexure. By modelling the buildings using the
ELFP in a spreadsheet and verifying the results against the FE model, it is possible to
uncover this ratio between shear and flexural response. In practice, lining up the modes
shapes from a simplified ELFP model to an FE model of thousands of elements often
took numerous iterations. However, by doing so, it was possible to learn a lot about
how each structure achieved its rigidity and identify the key elements that contribute.
For each building, the ELFP is considered about two axes to determine the first
translational mode in direction. Hence, the shear rigidity and flexural stiffness must
be calculated about both the building’s principle axes to determine mode shapes and
modal mass and stiffness in both directions.
In addition to structural dynamics, the ELFP spreadsheet model also checks static
displacement, strength criteria, overturning moment, material volumes and floor space
usage. The model is used to calculate the static deflection by inputting a wind force for
each level. The peak deflection is compared against height to determine if the H/500
criterion is met (see Section 3.1.2). The building’s total weight at each storey (including
the full design live load) is calculated and compared to the element’s strength capacity
at that level. The ratio between the two is calculated, and the minimum ratio across
all levels is the strength safety factor. The volume of material and the percentage of
floor space occupied by structural elements are also calculated to compare the merits
of different structures from a real estate and economic perspective. The more floor
space the structure occupies, the less floor space is available to let or sell.
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3.2.6

Finite Element Modelling

As mentioned earlier, in addition to an ELFP spreadsheet model of each building, a
finite element model has also been assembled. Early models were built in OASYS GSA,
but eventually, ETABS 17 (Computers and Structures, Inc (2018)) was settled on as
the preferred software, primarily because WSP provided a detailed ETABS model of
the Shard, and it was preferable to have all buildings modelled in the same software
for consistency. The buildings are modelled as a combination of frame elements for
the beams, columns and braces and shell elements for the walls and floors. Floors
were modelled as membranes which transfer load to directly to supporting structural
elements. ETABS is well suited to tall building design, as numerous internal wind
codes are built-in and can be applied to a building to calculate a static deflection
due to wind loading, although ETABS does not predict wind-induced accelerations.
Unfortunately, material properties for various glulam and CLT grades are not built
into the software; however, these were easily added manually. Other valuable features
include: the easy replication of similar storeys to speed up the model assembly for
tall buildings; the ability to quickly scale various parameters of members (which is
beneficial for switching steel or concrete buildings into timber and scaling section sizes
to meet design requirements) and design features to help automatically size unknown
sections size (which was useful for the Gherkin where many of the beam sizes were
unknown).
ETABS has been used to analyse each building’s structural dynamics, deflection
ratios, and strength ratios. The eigenvector analysis computes as many modes as
required (although typically no more than ten modes were necessary), and returns their
modal mass, from which the modal stiffness can be calculated. The ETABS convention
is to have a modal mass, M∗ETABS equal to 1, and a modal stiffness as a ratio of the
modal mass. The modal mass and stiffness can be converted into comparable values
between buildings (and their ELFP models) by scaling the tip deflections up to one.

m∗ =

m∗ET ABS
u2h

(3.48)

The modal stiffness can then be calculated as

∗

k =

2π
T

!2

m∗

(3.49)
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(a) Rhino model

(b) ETABS model

Fig. 3.7 The Gherkin geometry; developed in Rhino using Grasshopper and then
exported to ETABS for analysis
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The geometry of the Gherkin and the Lodge would have been difficult to construct
in ETABS as their floor plan varies from level to level. However, both their geometries
were well suited to modelling in Grasshopper, a parametric modelling plug in for
Rhino 6.0 (McNeel and Others (2010)). The Rhino models were then be imported
into ETABS for structural analysis. The network that generated the majority of the
Gherkin structure is shown in Figure 3.8.

Fig. 3.8 Grasshopper script used to generate the geometry of the Gherkin

3.3

Modelling the Wind

Once a building’s translational have been determined, the next stage is to understand
how it will respond to randomly fluctuating wind speeds. This section sets out some
basic equations used to describe the behaviour of wind in the atmospheric boundary
layer. This theory feeds into Sections 3.5 and 3.6, which look at the along-wind and
across-wind response of a building.
As wind flows across the surface terrain, it is subject to friction, and so its behaviour
is turbulent, varying in a random manner which can best be described in statistical
terms. The wind will have a mean component of velocity V(z) at a height z about the
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Fig. 3.9 Turbulent wind profile
ground and a turbulent component v(x,y,z,t) which fluctuates randomly and can be
described as a stationary, stochastic process with a mean value of zero (Dyrbye and
Hansen (1997)).

Vtotal (x, y, z, t) = V (z) + v(x, y, z, t)

(3.50)

At the geostrophic wind height, the wind flow is assumed to have the same speed
and direction; however, the wind closer to the surface in the atmospheric boundary
layer experiences more friction, slowing the mean wind speed and increasing turbulence.
The wind’s behaviour in the boundary layer can be described by the logarithmic wind
speed profile in Equations 3.51 and 3.52.

1
z
V (z) = v∗ ln
κ z0
The turbulence intensity Iv (z) for flat ground can be described as

(3.51)
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Fig. 3.10 Wind profiles for different terrains

Iv (z) =

1
σv (z)
=
V (z)
ln (z/z0 )

(3.52)

where v∗ is the friction velocity (a term by which the shear stress is written in
terms of velocity), κ is von Kármán’s constant, σv (z) is the standard deviation of the
turbulence component, and z0 is the roughness length. The rougher the terrain, the
larger the roughness length. For example, Eurocode 1 specifies a roughness length of
0.01 m for open seas or lakes and 1 m for urban areas.
The turbulent energy distribution of the wind flow varies with frequency and can
be described by a power spectral density function RN (z, n), where n is the frequency of
gusts, σv (z) is the standard deviation and Sv (z, n) is the cross-spectral density function
of the along wind fluctuating components of velocity.

RN (z, n) =

nSv (z, n)
σv2 (z)

(3.53)

Equations 3.52 and 3.53 can be combined to give

Sv (z, n) =

RN (z, n)Iv2 (z)V 2 )(z)
n

(3.54)
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Numerous functions to describe RN (z, n) have been proposed by von Kármán (1948),
Davenport (1967) and Harris (1970) (see Figure 3.11). The Solari (1993) function
below is used in Eurocode 1.

RN (z, n) =

6.8fL (z, n)
[1 + 10.2fL (z, n)]5/3

(3.55)

Fig. 3.11 Proposed spectral density functions by Solari (1993), von Kármán (1948),
Davenport (1967) and Harris (1970).
The non-dimensional frequency fL (z, n) can be calculated from Equation 3.56, where
V(z) is the mean wind speed and Lv (z) is the integral length scale which is a measure
of the average size of vortices.

fL (z, n) =

3.4

nLv (z)
V (z)

(3.56)

Along-Wind Response

When subjected to wind force, a tall building can deflect either in the same direction
as the oncoming wind or perpendicular to the wind. These are known as along-wind
(parallel) and across-wind (perpendicular) responses. As explained in Section 3.2,
it is necessary to assess the expected peak displacements and accelerations on the
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uppermost floors of a tall building, with the peak accelerations on the highest occupied
floor expected to be the governing design criteria for tall timber buildings.
The analytical principles governing the along-wind response are described in this
section, focussing predominantly on the derivation of peak along-wind accelerations.
The along-wind procedures in building codes, namely Eurocode 1 and ASCE 7, are
also shown, which simplify the equations set out by Davenport (1962) to focus on just
the first mode response, which can be quickly calculated in the frequency domain. A
numerical method called AWind is also described in Section 3.4.3, which can include
higher modes and accommodate a varying cross-section.

3.4.1

Analytical Procedure

Bernoulli’s equation states that the sum of velocity pressure 12 ρV 2 and static pressure p
is constant along a horizontal streamline. Based on this principle, the force FD applied
to a rigid body with an area A, exposed to the wind at a speed V, with air density ρ is
given by Equation 3.57 below.

1
FD = CD ρAV 2
2

(3.57)

Building upon Bernoulli’s equation, Davenport (1962) proposed a model for determining the fluctuating wind load on a point-like structure, using a statistical description
of the turbulent part of the wind. Just as the wind velocity fluctuates, so too will the
wind load as it comes in contact with a building. Based on Equation 3.50, but ignoring
variation in the dimension of x and y for the time being, the square of wind velocity is

2
Vtotal
(z, t) = V 2 (z) + 2V (z)v(z, t) + v 2 (z, t)

(3.58)

The third term of Equation 3.58 will be negligible, so the total force according to
Equation 3.57 can be written as

1
Ftotal = CD ρAV (z)2 + CD ρAV (z)v(z, t)
2
where the second term is the fluctuating drag force fD .

(3.59)
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fD = CD ρAV (z)v(z, t)

(3.60)

The spectral density of force is defined as

SfD (n) = 2

Z

∞

−∞

RfD (τ ) cos 2πnτ dτ

(3.61)

where RfD (τ ) is the autocovariance function fD (t)fD (t + τ ) of the fluctuating force.

RfD (τ ) = lim

Z

T /2

T →+∞ −T /2

2
fD (t)fD (t + τ )dt = ρ2 V (z)2 A2 CD
v(t)v(t + τ )

(3.62)

From which it follows that the spectral density of force can be simplified to Equation
3.63 below.

2
SfD (n) = ρ2 V (z)2 A2 CD
Sv (n)

(3.63)

Equations 3.61 to 3.63 describe the behavior of a point-like structure, whereby
the fluctuating wind speed v(t) varies only with time. In reality, the wind’s gustiness
will also vary spatially and hence was described earlier as v(x,y,z,t). To include the
spatial variation of gustiness, Davenport (1962) incorporated two additional terms;
the joint acceptance and a aerodynamic admittance function, also known as the size
reduction function (Dyrbye and Hansen (1997)). The aerodynamic admittance χ2
accounts for the lack of correlation between gusts across the face of the structure.
The joint acceptance function |Jz (n)|2 describes the interaction between mode shape
and turbulence. Mode shapes with both positive and negative regions will cancel out
some of the turbulent force throughout their height. For mode shapes that are purely
positive or negative (such as the first translational mode in each direction), this effect
is not apparent, so the joint acceptance function equals one. Equation 3.64 shows the
modified force spectra, including the aerodynamic admittance and joint acceptance
functions.

2
SfD (n) = ρ2 V (z)2 A2 CD
|Jz (n)|2 χ2 Sv (n)

(3.64)
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To include the power spectral density function, Equation 3.64 can further be
rearranged using Equations 3.52 and 3.53 to

SfD (n) = (ρACD V (z)2 Iv (z))2 |Jz (n)|2 χ2

RN (z, s)
n

(3.65)

Next, to determine the deflections, Davenport (1961) derives the spectrum of
deflection as a function of the mechanical admittance |H(n)|2 , modal stiffness kr∗ and
force spectra SfDr (n).

Sur (n) =

|H(n)|2
SfDr (n)
kr∗2

(3.66)

where the mechanical admittance is a function of the logarithmic decrement of damping,
δr and the natural frequency of the rth mode nr . Figure 3.12 shows how the mechanical
admittance function focuses the majority of the response around the structure’s natural
frequency.

|H(n)|2 =

( nnr )2 ]2

[1 −

1
+ ( δπr )2 ( nnr )2

(3.67)

Equation 3.66 can be written in terms of the modal mass as

Sur (n) =

|H(n)|2
Sf (n)
16π 4 n4r m2r Dr

(3.68)

The displacement at a point on the span z is found by superimposing the deflection
spectra across all modes and their mode shapes, described by Equation 3.69 below.

X

Sur (z, n) =

Sur (n).ψr2 (z)

(3.69)

r

The variance of the deflection is then found by integrating the spectrum across all
frequencies.

σu2 (z)

=

Z
0

∞

Sur (z, n)dn

(3.70)
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Fig. 3.12 Mechanical admittance function |H(n)| for a structure with natural frequency
nr = 0.2 Hz and logarithmic decrement of damping δr = 0.1
and from Simiu and Scanlan (1996), the variance of acceleration is defined as

σü2 (z) = 16π 4

Z
0

∞

n4 Sur (z, n)dn

(3.71)

Combining Equations 3.54, 3.65, 3.68, 3.69 and 3.71 and taking the square root of
variance results in Equation 3.72 for the root mean square of along-wind acceleration.

v
uZ
u
2
σü (z) = ρACD V (z) Iv (z)t

∞

"

0

X |H(n)|2 |J(n)|2 χ2 NR (z, n)ψr2 (z, n)

nm∗

R

#

dn

(3.72)

Finally, the expected peak acceleration occurring over a time interval of T is the
RMS of acceleration multiplied by a peak factor µü . Assuming that u(t) is a Gaussian
process, Cartwright and Longuet-Higgins (1956) approximated the peak factor as

r

µü =

2 ln νT +

γ
2 ln νT

(3.73)

where γ = 0.577 (Euler’s constant) and ν is the zero-up-crossing frequency (typically
taken as the natural frequency).
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Hence, the peak acceleration is

ümax (z) = µü σü (z)

3.4.2

(3.74)

Building Codes

Sections 3.3 and 3.4 set out the fundamental principles to describe the wind and the
analytical procedure to calculate the building’s along-wind response. These principles
form the basis of simplified procedures in numerous building codes. As the case study
buildings in this thesis are all located in Europe or the USA, Eurocode 1, Part 1.4
and Section 26 of ASCE 7-16 are used for the code analysis of the case studies. This
section illustrates how both codes simplify the principles set out above and highlights
the deviations between them. Both codes simplify the calculation of along-wind RMS
acceleration by considering only the first mode and applying the energy of the force
spectra at the building’s lowest natural frequency. Nevertheless, the codes provide a
quick and reasonably simple calculation of along-wind acceleration which can quickly
be computed in the ELFP spreadsheet models of each building. Separate spreadsheets
have also been used to calculate the along-wind accelerations of multiple buildings
simultaneously according to the procedures set out in ASCE 7 and Eurocode 1.
Eurocode 1
Eurocode (2010) sets out a procedure for calculating the along-wind accelerations of a
tall building based on the formulae laid out in Sections 3.4 and 3.5. Formula B.10 in
Eurocode 1 can be written in the form below, using the nomenclature defined in this
chapter.

ρBCD Iv (zs )χ(zs , n1 )ψ1 (z)
σü (z) =
m∗1

s

Z
NR (zs , n) Z n
2
|H(n)| dn V (z)2 ψ1 (z)dz (3.75)
n1
0

For buildings with a variable cross-section throughout their height, it is best to
include the buildings’ width at each level within the integration, as shown below:

ρCD Iv (zs )χ(zs , n1 )ψ1 (z)
σü (z) =
m∗1

s

Z
NR (zs , n) Z n
2
|H(n)| dn V (z)2 ψ1 (z)B(z)dz
n1
0
(3.76)
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And the peak acceleration, at a height z (which is typically taken as the height of
the highest occupied floor) is found using the peak factor µü (defined in Equation 3.73
above).

ümax (z) = µü σü (z)

(3.77)

The key difference between the more generalised Equation 3.72 and Equation
3.75, is that the Eurocode only considers the first mode; this means that the joint
acceptance equals unity (assuming that the first mode is lateral and does not switch
sign). Additionally, the Eurocode also significantly simplifies the calculation by taking
values for the aerodynamic admittance and force spectra at the resonant frequency n1
at a reference height zs (which equals 60% of the buildings’ total height) and using
an approximation for the integration of the mechanical admittance, as opposed to
integrating all three functions across all frequencies, shown in Equation 3.78 below.

Z
0

∞

"

#

1.χ2 (zs , n1 )N1 (zs , n1 ) Z n
|H1 (n)|2 |J1 (n)|2 χ21 (z, n)N1 (z, n)
|H1 (n)|2 dn
dn ≈
n 1 M1
n 1 M1
0
(3.78)

This method attributes all of the energy of the wind to the dominant first mode, so
it is likely to predict slightly higher along-wind accelerations than the approach outlined
in Equation 3.72. However, given the mechanical admittance function’s shape, whereby
the considerable majority of the function is centred around the natural frequency, this
R
is not too drastic of an approximation. The function ρbCD V(z)2 ψ1 (z)dz is equivalent
to the generalised force on the structure, defined earlier in Equation 3.13.
The integration of the mechanical admittance |H(n)|2 is an approximation given by
Davenport (1962), i.e. taking the area under the graph of |H(n)|2 for the first mode
frequency.

Z
0

n

|H1 (n)|2 dn =

π 2 n1
2δ1

(3.79)

Other aspects of the Eurocode not previously described include the turbulent
length scale and intensity factor, aerodynamic admittance and numerous wind speed
adjustment factors.
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The turbulent length scale is defined as



L(z) = Lt

z α
)
zt



(3.80)

where zt = 200 m, Lt = 300 m and α = 0.67 + 0.05 ln z0 where z0 is the roughness
length.
The turbulence intensity factor is

Iv (z) =

kI
co ln z/z0

(3.81)

where kI is a turbulence factor (typically equal to 1) and co is an orography factor. For
the calculations in subsequent chapters, both values are taken as equal to 1. Particular
considerations of the variation in the surrounding orography, other than the roughness
factor, are beyond the scope of this research and not necessary to make a comparison
between different types of building.
The aerodynamic admittance is given by

χ21 (z, n) = RH (z, n)RB (z, n)

(3.82)

where RH and RB are size reduction factors for line-like structures in two dimensions
(height-wise and width-wise). They are calculated using Equations 3.83 and 3.84 below,
substituting the height H and width B in for x. Dyrbye and Hansen (1997) estimates
that the Eurocode approximation for two line-like structures will underestimate the
aerodynamic admittance by a factor of up to π/2 by comparison to a formula for a platelike structure. However, the overestimation outlined in 3.78 and the underestimation
of χ21 (z, s) may cancel each other out to some degree.

Rx =

1
1
− 2 (1 − e−2ηx )
ηx 2ηx

ηx = 4.6

xfL (zs , n1 )
L(zs )

(3.83)

(3.84)
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Finally, the mean wind speed Vm (z), at height z, is the product of the fundamental
basic wind speed Vb0 and several factors. Vb0 is the mean speed over 10 minutes
recorded at 10 m above ground, with an annual exceedance probability of 0.02, i.e. a
return period of 50 years. The factors adjust for terrain roughness and height above
ground level cr (z), orography co (z), wind direction cdir and season cseason . For the
calculations in this thesis, co (z), cdir and cseason are all assumed to be 1. Maps in the
National Annexes will specify values for the basic wind speed at a given location and
may recommend values for the aforementioned factors. The UK Annex also includes a
factor for altitude calt . It is also possible to adjust the basic wind speed using cprob to
modify the wind’s return period.

vm (z) = cr (z)co (z)cdir cseason calt cprob vb,0

(3.85)

Unlike ASCE 7, Eurocode 1 does not give a direct formula for maximum alongwind displacement but instead recommends applying an equivalent static force to the
structure to find the displacement. The following Equation from Eurocode 1 gives
the total wind force on a structure, where cs cd is a structural factor, Cf is the force
coefficient, qp (ze ) is the peak velocity pressure at a reference height ze and Aref is the
external area facing the wind.

Fw = cs cd Cf qp (ze )Aref

(3.86)

1
qp (ze ) = [1 + 7Iv (z)] ρVm2 (z)
2

(3.87)

Equations 3.86 and 3.87 can be computed in the spreadsheet model for each level
of the building and inputted into the equivalent lateral force procedure to calculate a
tip displacement.
ASCE 7
Equation C26-11-2 from ASCE 7 for the RMS along-wind acceleration can be rearranged
as Equation 3.88 using the nomenclature defined in this chapter.
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s

Z n
ρBHCD Iv (zs )χ(zs , n1 )ψ1 (z)
2
σü (z) = 0.85
N
(z,
n)
|H(n)|2 dn
K
V̄
(z
)
R
s
n1 m∗1
0

(3.88)

The RMS along-wind acceleration can be multiplied by the peak factor µü (from
Equation 3.73) to find the peak acceleration.
R
The term KV̄2 (zs )H is roughly equivalent to V(z)2 ψ1 (z)dz for the first mode
lateral deflection.
Whereas the Eurocodes used the Solari power spectral density function, ASCE uses
a slightly different function, shown below.

NR (z, n) =

7.47fL (z, n)
[1 + 10.3fL ]5/3

(3.89)

The mechanical admittance is also approximately the same as the simplification
given by Davenport (1962) in Equation 3.78 and used by the Eurocodes. The ASCE uses
the critical fraction of damping ζ, which can be related to the logarithmic decrement
as δ ≈ 2πζ

Z
0

n

|H1 (n)|2 dn ≈

3.4πn1
0.85n1
≈
ζ
2δ1

(3.90)

The aerodynamic admittance function includes the same functions for RB and RH
as Eurocode 1, however the functions ηB and ηH have changed to

ηB = 4, 6

Bn1
V̄ (zs )

(3.91)

ηH = 4, 6

Hn1
V̄ (zs )

(3.92)

and also includes a size reduction factor for the building’s depth, D.

χ2 (z, s) = RH RB (0.53 + 0.47RD )

(3.93)
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Where

RD =

1
1
− 2 (1 − e−2ηD )
ηD 2ηD

ηD = 15.4

Dn1
V̄ (zs )

(3.94)

(3.95)

The other notable differences between the Eurocodes and the ASCE are the definition
of wind speed and the terms relating to turbulence.
Both Eurocode 1 and ASCE 7 are based on wind speeds with a return period of
50 years; however, the ASCE wind is a mean hourly wind speed V̄(z), instead of 10
minutes as used in the Eurocodes. The ASCE mean hourly speed is calculated from a
3-second gust speed V3sec

z
V̄ (z) = b̄
33

!ᾱ

V3sec

(3.96)

Finally, the turbulence intensity is defined as

33
I(z) = c
z

!1/6

(3.97)

and the turbulent length scale as

z
L(z) = l
33

!ϵ

(3.98)

and ᾱ, b̄, c, l and ϵ are constants defined for each terrain.
Unlike the Eurocodes, ASCE 7-16 does provide a direct formula for finding the
maximum along-wind displacement. Equation C26-11-1 from ASCE 7-16 is written
below using the nomenclature defined earlier in this chapter.
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umax (z) =

2
ψ(z)ρBHCD V3sec
(zs )
KG
∗
2
2m1 (2πn1 )

(3.99)

G is a gust factor which include the effects of turbulence and structure interaction
for flexible buildings. The along-wind response is also sometimes referred to as the
gust response as the building’s vibrations are governed by the correlation of the wind’s
gustiness across the building’s face and also in terms of the pairing between the
frequency of gusts and the natural frequency of the building.

3.4.3

AWind

AWind is a programme written in Matlab for the aerodynamic analysis of structures. It
was developed by Igor Kavrakov (2019) for the dynamic analysis of bridges subject to
wind loading for his PhD thesis. Unlike the along-wind procedures in Eurocode 1 and
ASCE 7, which occur in the frequency domain, AWind performs the analysis in the
time domain using the Newmark Beta method of numerical integration. The AWind
script generates a time history of a randomly fluctuating wind speed, which is applied
to a structure at a series of nodes. The time-varying force at each node is computed
using the structure’s width and drag coefficient at that point. Then, considering all
the modes of a structure, the response at each node is calculated.
AWind is considerably more sophisticated than the code calculation, mainly because
it can consider as many modes as inputted and can accommodate variations in building
width and drag coefficient, applying a force specific to the structure’s cross-sectional
properties at each node. By comparison, the building codes can only accommodate a
uniform width and drag coefficient and only consider the building’s first mode.
Although AWind was designed for use with bridges, Kavrakov adapted the scripts
to accommodate tall building analysis on a similar basis with the Eurocodes by
including the Solari wind spectra and the aerodynamic admittance functions used
in the Eurocodes. Kavrakov was also able to advise on suitable parameters for the
Newmark Beta integration and force properties, recommending a quasi-steady wind
model with linear analysis.
AWind has been used in Chapters 4 and 5 to provide a more sophisticated assessment
of each building’s along-wind accelerations and displacements. Similarly to using the
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Fig. 3.13 An AWind model for a tower featuring a randomly fluctuating speed and a
building with a changing cross-section. Photo credit: Igor Kavrakov
codes; wind speed, turbulence intensity, length scale and roughness are all inputted
into the programme. Typically one node was specified at each floor level along with its
width and drag coefficient. Modal masses and frequencies for ten modes, generated
via ETABS, are also inputted, along with the damping fraction for each mode. As the
percentage of critical damping is already a rough estimate for structures (particularly
timber buildings), the same value was used for each mode.
The programme produces a time history of displacements and accelerations over a
specified time period, from which the RMS value, max value and therefore the peak
factor can be determined. Each run of the script will produce a different time series
of wind speed for each "seed value" inputted. It is advisable to keep the same seed
value to make a fair comparison between buildings. A slight issue is that the peak
values will vary depending on the seed value chosen. Taking the maximum of a series
of runs would effectively mean that the time interval over which the peak acceleration
is recorded is extended. Instead, based on the recommendation of Kavrakov, five-time
histories of 10 minutes duration were run, and the median values of peak acceleration
recorded. Typically each run would take about 10-15 minutes to compute so it was
not practical to perform a large number of iterations for each building. Similarly it
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was not viable to solely use AWind for along-wind analysis in Chapter 6 where over
140 buildings are analysed. Instead, AWind is used in the earlier chapters to verify
that the code based along-wind calculations were sensible and that higher order modes
would not dominate a building’s response.

3.5

Across-Wind Response

In addition to considering the along-wind response, it is also necessary to check a
building for aeroelastic effects, whereby the motion of the structure interacts significantly
with fluctuating forces of the wind. For tall slender buildings, the most critical scenario
is typically vortex shedding, whereby a slight initial deflection can result in a succession
of oscillatory and magnified deflections, as a trail of vortices shed from a building,
causing an aeroelastic instability (Simiu and Scanlan (1996)). If the natural frequency
of the building is close to the frequency of the vortex shedding, lock-in can occur
causing the building to vibrate excessively. Other possible aeroelastic effects include
vortex shedding, galloping, torsional divergence, and flutter.
Galloping affects flexible slender structures with non-circular cross-sections; for
example, sections of power cables covered in ice can be susceptible (Simiu and Scanlan
(1996)). A series of cylindrical bodies, closely spaced, can also be vulnerable to wake
galloping. Flutter and divergence are most commonly problematic for flexible plate-like
structures such as suspension bridge decks and signboards. Torsional divergence is a
static instability most commonly associated with aircraft, whereby a wing deflects in a
direction such that further lift is generated, creating a feedback loop that continues
to create more and more lift. Flutter is a dynamic instability, again with a positive
feedback loop, but resulting in oscillating displacements (the Tacoma Narrows Bridge
collapse is a famous example of aeroelastic flutter).
There is a critical wind speed at which galloping, flutter, and torsional divergence
begin to occur. Flutter and divergence are more of a concern for bridge design, but
for tall buildings, the onset wind velocity of galloping vCG can be determined using
Equation E.18 from Eurocode 1, Part 1.4, where Sc is the Scruton number, and aG
is the factor of galloping instability which is dependent on the cross-section of the
building.

vCG =

2Sc
n1 B
aG

(3.100)
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When predicting the dynamic performance of a slender building that is in close
proximity to other similar buildings, the Eurocodes stipulate that the effects of turbulence from the nearby buildings should be taken into account. However, this effect,
known as wake buffetting, shall be ignored for this thesis, as the primary objective is
to compare how each building performs relative to one another, as opposed to how its
surroundings influence its performance.
Typically the most pressing aeroelastic effect for tall buildings is due vortex shedding
and the resulting vibrations which can be either along or across-wind. Typically the
across-wind accelerations due to vortex shedding are the more critical. Vortex-induced
vibrations are typically a problem for tall, slender, or lightweight towers, possibly with
sharp corners or consistent cross-sections (Dyrbye and Hansen (1997)). Tall buildings
can typically be described as bluff bodies (rather than streamlined), so as the air flows
past the sides of a building, the flow undergoes separation, and vortices can form. As a
vortex peels off from one side of the building, the wind speed increases on the opposite
side (Dyrbye and Hansen (1997)). This separation induces a pressure differential,
causing the building to oscillate perpendicular to the oncoming wind. Vortices continue
to shed, oscillating from each side of the building, producing a harmonically varying
force. As the frequency of vortex shedding approaches the natural frequency of the
building, the motion of the structure will interact with the flow, and a "lock-in" effect
occurs and whereby the frequency of oscillation will continue to match the building’s
natural frequency even with slight variations in the mean wind speed. Once lock-in
occurs, the magnitude of the buildings’ response will increase significantly, typically
resulting in structural fatigue and occupant discomfort, so tall buildings should be
designed such that lock-in events are not expected to occur during their lifetime (Simiu
and Scanlan (1996)).
The frequency nv at which vortices are shed is governed by the Strouhal number,
where Vm is the mean wind speed, and B is the across-wind dimension. The Strouhal
number is dependent on the geometry of the building’s cross-section and its Reynolds
number.

St =

nv B
Vm

(3.101)

Eurocode 1 gives the critical wind velocity at which lock-in occurs as Vcrit , where
ni is the natural frequency of any translational mode.
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Vcrit =

Bni
St

(3.102)

Analytical models of vortex-induced vibration have so far not proven successful
(Simiu and Scanlan (1996), Dyrbye and Hansen (1997) and Elshaer et al. (2017)).
Instead, numerous empirical models, based on the results from wind tunnel testing,
have been developed to make a reasonable estimate of a building’s response.
Vickery (1973) proposed the expression below for the peak displacement uh on a
building, based empirically on the results of wind tunnel testing. As with subsequent
expressions, the wind is assumed to blow face on to the building, i.e. in the most
unfavourable direction. ρ is the density of air, ρb is the density of the building, and A
is the cross-sectional area.

√ V (H)
√
uH = (0.0006 ± 0.00025) A
n1 A
"

#3.5

1 ρ
√
ζ ρb

(3.103)

Eurocode 1 includes two formulae for calculating the peak displacement due to
across-wind effects. The formula listed below can be used for various types of structure
and mode shapes. K is a mode shape factor, KW is the effective correlation length
factor, and clat is the lateral force coefficient, which depends on the cross-sectional
geometry.

uH =

1 1
KKW clat B
St2 Sc

(3.104)

The Canadian building code, NBCC 2015, provides a formula for calculating the
RMS of across-wind acceleration, which follows a similar form to the Vickery equation
above (where g is the gravitational acceleration).

√
σÿ (z) = 0.0785n21 bd

"

V (z)
√
n1 BD

#3.3

1
ρb g

(3.105)

Equation 3.105 can be multiplied by µü from Equation 3.73 to find the peak across
wind acceleration.
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Wind engineers at WSP have recommended the Japanese wind codes as giving the
most accurate results in comparison to wind tunnel testing for across-wind accelerations.
The formula from Recommendation for Loads on Buildings by the Architectural Institute
of Japan (AIJ) is translated below by Tamura et al. (1996). An assessment of across
√
wind calculations is recommended as necessary for buildings where h/ bd ⩾ 3 and
√
n1 bd/Vh ⩽ 0.4.

σ̈y (z) = 3qh CL′

b zq 2
ϕL RL
mh

ümax (z) = µAIJ σü (z)

(3.106)

(3.107)

qh = ρV2 (H)/2 is the design velocity pressure, and RL is the resonance factor. µAIJ
is a peak factor, and ϕL is a correction factor, dependent on the mode shape and modal
mass (Tamura et al. (2003)).

µAIJ =

q

2 ln 600n1 + 1.2

M
z
ϕL =
∗
3m H

(3.108)

!β−1

(1 − 0.4 ln β)

(3.109)

β is the mode shape exponent and the mode shape can be approximated as

ψ(z) =

z
h

!β

(3.110)

C′L is the fluctuating overturning moment coefficient, which is given below as a
function of the depth d and width B for buildings which are rectangular in plan.

CL′ = 0.0082(D/B)3 − 0.071(D/B)2 + 0.22(D/B)

(3.111)
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A series of wind tunnel tests by Tamura et al. (2015) has provided additional values
of the fluctuating overturning moment coefficient C′L , which enables the AIJ codes to
be more accurate for a wider range of building shapes. Tamura et al. (2015) lists values
of 0.060 and 0.125 for circular and elliptical plan buildings, respectively.
Similarly to the along-wind displacement procedure, the AIJ codes also provide an
equivalent static wind pressure to calculate the across-wind displacement.

z q
pL (z) = 3qh CL′ gL 1 + ϕ2L RL
h

(3.112)

Notably, the Canadian and Japanese equations for across wind acceleration do not
include any factors governed by the cross-sectional shape of a building but assume a
rectangular cross-section of dimensions b and d. In practice, most codes suggest using
wind tunnels to analyse both the along and across-wind accelerations for tall, lightweight
or slender structures and those with unusual geometries (Kwok et al. (2009)). The
along-wind procedures from Eurocode 1 and ASCE 7 are recommended for buildings
up to 200 m, and neither code provides a calculation for determining an across-wind
acceleration. For example, ASCE 7 instead recommends boundary layer wind tunnel
(BLWT) testing for any building with irregular geometry or "response characteristics
that make it susceptible to across-wind loading, vortex shedding or instability caused by
galloping or flutter".
A wind tunnel report of a tall building is standard practice before a building is
approved but is typically too expensive to be undertaken for multiple iterations of
a design. However, during the design phase, wind tunnel reports can often predict
lower peak acceleration values than the codes, so material savings can quickly offset
their cost. An internal paper from WSP (2019) lists the costs for an example building,
showing that the results of a £34,000 wind tunnel test could produce £410,000 of
material savings versus the Eurocode 1 and also open up £5,000,000 worth of additional
floor space. However, ASCE 7 stipulates that any forces determined from wind tunnel
testing should be limited to no less than 80% of that calculated by the codes so material
savings will be capped.
The two most common types of wind tunnel testing are high-frequency force balance
(HFFB) and high-frequency pressure-induced (HFPI). HHFB testing is the simpler of
the two, measuring the bending moments, torque and shear forces exerted by the wind
on a rigid body via a force balance at the model’s base (Chen et al. (2014)). HFPI
uses pressure taps throughout the model to determine the forces on different areas of

3.5 Across-Wind Response

109

Fig. 3.14 A model of the Shard set up at in a boundary layer wind tunnel at RWDI in
Milton Keynes.
the body. The forces from either model can be used to approximate the generalised
forces of the fundamental modes and thereby calculate the expected response (Dyrbye
and Hansen (1997)). Most wind tunnel testing uses a rigid body, but for buildings
that may interact significantly with the wind, aeroelastic models can be used; these
are flexible models tuned with springs and masses to have the equivalent dynamic
properties of the building. At a visit to their head offices, organised by the Institute of
Structural Engineers, RWDI (2020) revealed that they typically only used aeroelastic
models for buildings over 500 metres tall.
The Canadian and Japanese codes are still helpful in making a reasonable estimate
of how the building will perform for across-wind accelerations, however computational
fluid dynamics (CFD) is now also beginning to become an option for making initial
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Fig. 3.15 The twisting form of the Shanghai Tower which helps to decorrelate vortices
and thereby minimise across-wind acceleration. Photo credit: Boma International
assessments. RWDI (2020) stated that CFD is useful early on in the design phase
when it can be used to compare different designs and get an initial idea of the loads on
the building, or for modelling isolated buildings in reasonably open spaces where there
is less interference from the surrounding environment. However, at the time of writing,
RWDI believed that CFD is not yet sufficiently sophisticated to accurately model a
tall building’s response within a built-up area, where the effects of turbulence and
wake from other buildings are highly complex. Of course, RWDI may be biased in this
respect as they are primarily wind tunnel experts, but regardless, wind tunnel testing
is currently recommended by both the ASCE and Eurocodes over CFD analysis.
For the purposes of this project, CFD analysis would be too time-intensive to
produce a reliable aeroelastic response for the high volume of structures assessed.
Accurate CFD modelling of tall buildings is a continually evolving research area and
would possibly constitute a separate thesis entirely. Wind tunnel testing is similarly
time-intensive and costly and, therefore, not suitable for this project, given the large
number of buildings involved. Instead, it is necessary to rely upon the Canadian and
Japanese codes for across-wind accelerations and the Eurocodes to check for lock-in
effects and flutter and divergence.
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The code calculations for across-wind acceleration must be viewed as approximate
upper bounds and viewed in light of a building’s cross-section and how it varies
throughout its height. However, Tamura et al. (2015) helps quantify how a streamlined
building such as the Gherkin will experience a lower response than a building with sharp
corners such as the John Hancock Center. Similarly, a building whose cross-section
varies in size throughout its height will cause vortices of different sizes to shed at
different levels. Vortices of different dimensions shed at different frequencies, which
means that they are decorrelated throughout the building’s height, reducing the net
force on the structure (Cochran (2008)). Analysis of the Gherkin in VXFlow, shown
in Chapter 5, helps to illustrate this effect. VXFlow is a CFD package based on the
vortex particle method (Morgenthal (2016)). Figure 5.4 shows that the frequencies of
the force spectra vary with the building’s radius due to the different sizes of vortex
being shed at each slice. Although useful for finding forces on individual sections of a
building, the application of VXFlow is limited for three dimensional buildings with
changing cross-sections as the vortecies are not correlated throughout the height of the
building, the structure can only be analysed as a series of two dimensional slices.
In recent years, computational finite element analysis of complex 3D structures
has helped facilitate the design of tapering and twisting forms, such as the 632 m
tall Shanghai Tower, whose shape disrupts vortex shedding and thereby decreases
the building’s response to wind loading (Ali and Moon (2007)). Taipei 101 is an
earlier example of utilising architectural form to disrupt vortices. Analysis by RWDI
showed that setting back the corners in a "sawtooth" formation (see Figure 3.16) would
significantly reduce the peak forces on the building due to vortex shedding (Poon et al.
(2004)).

3.6

Assessment of Existing Buildings or Proposals

The following is a summary of the procedure for assessing each building’s structural
performance, based on the methods outlined earlier in this Chapter, starting firstly
with the task of determining the structural dynamics of a building.

Structural Dynamics Procedure
1. Assemble a three-dimensional finite element model of the building in ETABS,
based on building plans or information available from the literature. For some
buildings, the geometry may need to be generated using Grasshopper in Rhino.
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Fig. 3.16 Floor plan of Taipei 101 showing the sawtooth corners which help to reduce
vortex shedding (Poon et al. (2004))
Where there is insufficient information, a best guess of the structural elements
should be used. For example, interpolate column sizes between known values at
the top and base of the structure or use the design tools in ETABS to determine
section sizes for beams.
2. Check the structural mass in ETABS against any values provided in the literature.
3. Use ETABS to perform modal analysis of the first ten modes. Include additional
mass for the facade, floor build-up, partitions and 10% of the live load. Use
Equations 3.48 and 3.49 to calculate the modal mass and stiffness.
4. Input the data about the structural elements on each storey into the ELFP
spreadsheet model and calculate their mass. Check against the literature and
ETABS.
5. Determine which elements contribute to the flexural stiffness on each level and
calculate their second moment of area about the two principal axes of the building
using Equation 3.32.
6. Calculate the shear rigidity at each building level in both directions (see Table
3.1). Viewing the member forces in ETABS for the first two modes can help
determine which elements contribute to flexural stiffness and shear rigidity.
7. In the ELFP spreadsheet, apply a force to each storey and calculate the bending
moment and shear force at each level using Equations 3.34 and 3.40.
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8. Calculate the shear and bending deflections at each level using Equations 3.35 to
3.39.
9. Sum the shear and bending displacements at every level (for both directions),
then divide the input force by the total tip deflection. The resulting tip deflection
will now be normalised to one, such that the deflected shapes are also the mode
shapes.
10. Multiply the total deflection at each level by the input force at that level. Sum
across all storeys to find the modal stiffness (Equation 3.27).
11. Multiply the deflection at each level by the storey mass. Sum across all storeys
to find the modal mass (Equation 3.28).
12. Calculate the natural frequency of the first translational mode in each principal
direction using Rayleigh’s Quotient (Equation 3.29).
13. Compare the mode shapes, modal mass, stiffness and natural frequency of the
first two modes to the results from ETABS. If there are significant differences,
then the masses and the assumptions about which elements contribute to flexural
stiffness and shear rigidity should be checked/revised.
Once there is a good level of cohesion between the ELFP model and the ETABS
finite element model, an assessment of the building’s performance under wind loading
can be made.

Wind Response
1. Determine the basic wind speed and terrain parameters for the location of the
building. For European buildings, these values will be available in the National
Annex from each country. For buildings in the United States, these values are
provided within ASCE 7.
2. Calculate the mean wind speed at the reference height (60% of the total height
of the building) using Equation 3.85 from the Eurocodes or Equation 3.96 from
ASCE 7. For a one-year wind speed, apply a value of 0.749 for cprob or 0.906 for
a ten-year wind. Assume, co , cdir and cseason are equal to one.
3. Calculate the spectral density function, mechanical admittance, turbulent length
scale, turbulence intensity factor and aerodynamic admittance using Equations
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3.55 and 3.80 to 3.84 for European buildings according to the Eurocodes or
Equations 3.89 to 3.95, 3.97 and 3.98 for US buildings according to the ASCE.

4. Calculate the RMS of along-wind acceleration in both principal directions, using
equations 3.76 and 3.88 for European and US buildings, respectively. Assume
damping as 2% of critical damping for timber or concrete buildings and 1.5% for
steel, unless otherwise specified in the literature.
5. Multiply the RMS acceleration by the peak factor (Equations 3.73 and 3.74) to
find the peak expected along-wind acceleration. Repeat for both one-year and
ten-year mean wind speeds.
6. Find the peak along-wind displacement (using the 50-year mean wind speed)
using Equation 3.99 for a US building. For a European building, find the storey
forces using equations 3.86 and 3.87 and apply these as input forces into the
ELFP spreadsheet model to find the tip deflection. Along-wind displacements
can also be calculated in ETABS, which has the Eurocode and ASCE procedures
built in.
7. Input the natural frequencies, mode shapes, modal masses and damping percentages for the first ten modes of the building (found using the ETABS model)
as well as mean wind speed, turbulence intensity, length scale, aerodynamic
admittance functions, storey heights, drag coefficients, and dimensions of the
building into AWind. Run the script five times, and record the median peak
acceleration and displacement.
8. Check for galloping instability and lock-in effects using Equations 3.100 to 3.102.
9. Calculate the RMS across-wind accelerations in both principal directions using
Equation 3.105 from the Canadian codes and multiply by the peak factor from
Equation 3.73.
10. Find the fluctuating overturning moment coefficient from Equation 3.111 for
buildings with a rectangular cross section or from Tamura et al. (2015) for other
building shapes. Calculate the RMS across-wind accelerations in both principal
directions using the Equation 3.106 from the Japanese codes and multiply by the
peak factor from Equation 3.108.
11. Calculate the equivalent static pressure for across-wind loads using Equation
3.112 for the AIJ code. Apply to the ELFP in the spreadsheet model to find the
across-wind displacement.
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Structural Performance
Next the performance of the building should then be compared to the design criteria
from Section 3.1.
• For the first two modes, determine the peak one and ten-year accelerations across
both along and across-wind code calculations and AWind. Compare to the ISO
2007 and NBCC 2005 criteria to assess human comfort.
• Find the peak fifty-year displacement for both across and along-wind responses.
Divide the height by the peak displacement to find the drift ratio. Compare
against the recommended drift ratio of height / 500.
• Use the drift ratio, peak pressure and building density to check for P-delta
effects (see Equation 3.4). Check that the amplification factor (AF) would not
significantly increase the drift ratio. For example, this effect can be ignored for
any buildings with AF of less than 1.05.
• Use the equivalent static wind force, building mass and base dimensions to check
the ratio between overturning and restoring moments (see Equation 3.2).
• Using the ELFP spreadsheet model, check the strength capacity on every level
of the building compared to the weight of the structure and potential live loads
above to determine the safety factor (see Equation 3.1).
• The drift index and safety factor of strength should indicate which was the
limiting factor. For example, the sections sizes of a building a with a drift ratio
of 500 but a safety factor of 3, have most likely been governed by the stiffness
criterion. Conversely, the design of a building with a safety factor of 1.7, but a
drift ratio of 800 has probably been governed by the strength criterion.
Finally, in addition to checking the basic safety and serviceability of a tall building,
it is also worthwhile to make some simple assessments of environmental, economical
and practical considerations.

Design Performance
• Total material use by volume, and total volume per unit floor space
• Total cost of materials used, and total cost per unit floor space

116

Methodology

• Total embodied carbon (both including and excluding sequestered carbon), and
total carbon per unit floor space
• Percentage of floor space occupied by structural components
• Overall density
• Largest section size
The total cost of materials is based on average values from the Cambridge Engineering Selector (CES) software by Granta design, shown in Table 3.2 below. The total
cost is intended to be a quick and straightforward metric, considering just the primary
structural elements and excluding any additional costs of construction, such as labour
or machine hire. Keeping the calculation simple removes uncertainty by excluding
less well-quantified elements. The calculation excludes the cost of foundations and the
facade, which are typically less well specified in the literature. The facade is heavily
influenced by architectural choice and so is excluded as this can contribute heavily to
the total cost and embodied carbon. However, the amount of concrete required for
the foundations of a timber building would typically be less than for an equivalent
built from steel or concrete due to the lower mass of the timber structure. Smaller
foundations would reduce the cost and carbon usage of the building. Unfortunately,
the amount of concrete used in the foundations was harder to find in the literature
for buildings studied. To determine this data would have required additional analysis
beyond the scope of this project, so for the carbon usage and material costs, the
foundations have been ignored.
Table 3.2 Material costs per kg from CES
Material
Glulam
CLT
Steel
Concrete

Cost (£/kg)
1.71
1.71
0.597
0.0977

Similarly to the total material cost, the assessment of embodied carbon is deliberately
kept simple and includes just the embodied carbon of the main structural elements,
as the objective is to compare the performance of the different structural typologies.
Embodied carbon from foundations, internal finishings, transport of materials and
any lifetime costs are excluded as they cannot be easily assessed. However, due to
the lightweightness of timber buildings, it is expected that less concrete would be
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Table 3.3 Embodied carbon per unit mass for different materials. Data from the ICE
by Jones and Hammond (2019)
Material
Glulam
CLT
Steel
Concrete

Embodied CO2 Exc. Stored
kgCO2 /m2
0.512
0.437
1.27
0.155

Embodied CO2 Inc. Stored
kgCO2 /m2
-0.900
-1.20
1.27
0.155

required for the foundations and fewer deliveries to site would be necessary (versus an
equivalent steel or concrete building). Values for both the embodied carbon including
and excluding storage for timber products, concrete and steel, are shown in Table 3.3.
The inclusion of storage is only valid if the timber has been sustainably forested and
will be recycled after use. The values are taken from the Inventory of Carbon Energy
(ICE) by Jones and Hammond (2019).
When considering the total cost or embodied carbon as a function of floor space,
the gross internal area (GIA) should be used. The GIA is simple to calculate and is a
reasonably fair way of assessing how much floor space is available for use in a given
structure (ignoring the effects of interior architecture choices).

3.7

Switching Structural Material

In Chapter 6 steel and concrete sections buildings are converted into timber. The
following is a simple scheme to make the conversion quickly.
• Rectangular concrete columns or walls: keep the sizes the same and switch the
material to glulam 24h (the cheapest and most commonly available grade of
glulam).
• Steel I beams and H columns: replace with a glulam 24h rectangular section of
the same width and depth, i.e. fill out the section, ignoring the web and flange
depths.
• Hollow cylindrical or square sections: replace with a square glulam 24h section
with the width or diameter of the steel section. Ignore the thickness of the steel
section.
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• Columns, braces, walls (and in some case beams) are then scaled using a "Column
Factor" or "Core Factor" to ensure that the structure meets the necessary strength
and stiffness criteria.
• Floor slabs are replaced with 250 mm deep CLT 24h (the cheapest and most widely
available grade of CLT) slabs or a 200 mm deep CLT slab with 50 mm of concrete
screed. The 50 mm layer of concrete screed improves acoustic performance and
adds additional mass to the structure.

Chapter 4
Dynamics of Existing Tall Timber
Designs
4.1

Introduction

Before looking at new heights and typologies for timber buildings, it is first necessary
to understand how the current generation of tall timber buildings perform.
This chapter will first analyse Mjøstårnet and Haut, two of the worlds tallest
timber buildings at the time of writing. These two buildings have very different lateral
load resisting systems; Mjøstårnet has a large glulam braced frame on the exterior
(also referred to as a "mega truss"), whereas Haut uses a combination of concrete and
CLT shear walls to provide stiffness. Standing at 85.4 and 73 m tall, respectively,
these buildings would not be considered especially tall if not for their use of timber.
Looking ahead to the next generation of timber buildings, two proposals by Smith
and Wallwork, which would reach 112 and 127 m, are investigated. Both proposals
derive their stiffness from a glulam frame. The Lodge uses a timber diagrid, and the
second, an as-yet-unnamed project, can be described as a series of bundled tubes, with
bracing elements (both glulam and steel) on the exterior faces. These four buildings
were chosen to cover a range of structural typologies, cover a range of heights, and
most importantly because sufficient detail about their structures was available or could
be sourced to be able to model them accurately.
As well as examining the constructed versions of Mjøstårnet and Haut, this chapter
will also look at earlier versions of each design that were then modified to improve their
dynamic performance. The original design for Mjøstårnet used all CLT deck floors, but
these were replaced with concrete slabs on the upper levels to increase the building’s
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modal mass. Haut was initially designed with all CLT walls and some steel bracing
elements as its lateral stability system, but these were mostly replaced with concrete
shear walls, which added mass and stiffness to minimise the vibrations due to wind.
The unnamed Smith and Wallwork Tower has not yet been constructed. The
design is still flexible, so a sensitivity analysis has been included to show how different
variations in the design could improve its dynamic response.
The first objective is to determine and understand each building’s structural
dynamics; this is achieved using a three-dimensional finite element model in ETABS
and an ELFP spreadsheet model. Next, each structure’s dynamic response is computed
to find the peak expected accelerations and equivalent static deflections due to wind
loading. Where possible, these results are compared to values stated in the literature
to verify that the analysis is producing sensible results. In addition to checking the
building’s response in its own location, the buildings also provide a reference point
against which the tall timber designs in Chapter 6 can be compared by applying the
wind profile of any given location to all.
Additionally, the building is checked against other performance criteria, including
strength and overturning ratios. Finally, estimations of material cost and embodied
carbon are made for each building to help compare the merits of each design.

4.2

Mjøstårnet

Mjøstårnet in Brummaunddal, Norway, is an 85.4 m tall building that was completed
in 2019 (Voll Arkitekter (2019)). The building is mixed-use and includes a hotel, office
space and with residential apartments occupying the upper floors. The building is
mostly timber with a glulam frame with large bracing elements on the exterior to
provide lateral stability. The lower half of the building has CLT deck floors with a
thin layer of concrete screed, but concrete floor slabs are used on the upper levels to
improve the building’s dynamic performance by increasing its modal mass. Further
details about the structure can be found in Section 2.3.3 of the Literature Review.

4.2.1

Structural Dynamics

The two papers by Abrahamsen (2017) and (2018) and plans provided by SWECO
(2018) give sufficient information about section sizes and dimensions to build a 3D
finite element model of Mjøstårnet.
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Structural analysis by SWECO included the mass of steel connections, balconies,
an estimated live load of 85 kg/m2 and a façade load of 60 kg/m2 , but no additional
mass for floor build-up or partition loads was included. These same masses were used
for the ETABS and ELFP model of Mjøstårnet to make a like-for-like comparison
with the literature. The total mass of the structure built in ETABS is 6,700,000
kg, which aligns well the value given by Bjertnæs (2020) of 6,600,000 kg. Again, to
compare on a like-for-like basis with SWECO, the majority of the connections were
modelled as pinned. However, connections on the pergola were modelled as fixed
to avoid mechanisms that cause numerous low-frequency modes. SWECO assumed
pinned connections to give a lower bound estimate of the building’s stiffness, although
they expect the joints to carry some moments, particularly in the columns (Bjertnæs
(2020)). Modal analysis of the finite element model showed that the first two modes
were both translational. The modes of Mjøstårnet are slightly unusual because the
first mode deflects in the same direction as the widest face, as shown in Figure 4.1.
Typically the first mode deflects in the same direction as the narrowest face, as the
building has a lower second moment of area, when its columns are closer to the central
axis. In fact, Mjøstårnet does have a lower modal stiffness in its second mode, but the
first mode has a much higher modal mass, which causes the resonant frequency to be
low. The modal masses, stiffnesses and frequencies are shown in Table 4.1.
Table 4.1 Mjøstårnet modal properties
Mode 1

Abrahamsen (2017)
ETABS
ELFP

Mode 2

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

0.33
0.396
0.396

22,500,000
23,300,000

3,630,000
3,760,000

0.37
0.406
0.410

15,800,000
14,300,000

2,430,000
2,150,000

Alongside the ETABS model, an ELFP model was also assembled to derive the
modal properties using the equivalent lateral force procedure.
If including all columns to calculate the second moment of area of the building, the
ELFP model significantly overestimates the first modal stiffness compared to ETABS.
To investigate how much of the structure was engaged in Euler-Bernoulli bending, a
point load was applied to the top of the building in ETABS, and the stresses in the
base columns were compared to the expected stress from Equation 3.33. All columns
showed good engagement when a force was applied in the y-direction (mode 2), but
when a force was applied in the x-direction, the columns furthest from the central axis
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(a) Mode 1

(b) Mode 2

Fig. 4.1 Mode shapes for the first two modes of Mjøstårnet
showed very low engagement; just 8% of the expected stress for the corner columns and
5% for the central columns, so the ELFP model has scaled their contribution to the
second moment of area in the first mode accordingly. This effect is also visible when
examining the axial forces in the bracings (shown in Figure 4.2a). The bracings on the
broadest face of the building do not extend across its full width, meaning that the end
columns are not fully engaged, and instead, the smaller interior columns (which are
connected to the braces) produce the majority of the bending stiffness.
The ELFP model only includes shear rigidity from the bracings as the joints between
columns and beams are assumed to be pinned rather than rigid, so the racking of
beams and columns does not apply. The frame’s shear rigidity was calculated in the
spreadsheet using Equation 3.43 for a single diagonal bracing and initially assuming just
one girder per braced section. However, closer inspection of the finite element model
shows some engagement of the beams which intersect the diagonals at each storey, so
including the area of all beams per braced section gave a better approximation of the
shear rigidity.
The assumptions outlined above gave a good estimate of the modal properties in
comparison to the finite element model (see Table 4.1) and produced similar mode
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(a) Mode 1

(b) Mode 2

Fig. 4.2 Axial forces in the members for the first two modes of Mjøstårnet
shapes (see Figure 4.3). Inspection of the first mode shape in Figure 4.3a shows
that the ELFP model predicts a larger ratio of shear deformation to bending than in
the ETABS model, suggesting that there is additional shear rigidity in the structure,
particularly towards the base, that has not been accounted for in the ELFP model.
Nevertheless, according to the ELFP model, there is a significant difference between
the first two modes; 72% of the first mode deflections are due to shear, whereas only
31% of second mode deflections are. The second mode has a shear rigidity of 960
MN/m at the base compared to 350 MN/m for the first mode; this is not due to the
bracings not covering the entire width; instead, it is due to the shorter width of the
bracing section for mode two and larger cross-sectional areas for the diagonal bracings
(990 x 625 mm for mode two and 625 x 495 for mode one). Conversely, mode one
has a higher second moment of area - 540 m4 (despite not fully utilising the sections
furthest from the central axis), versus 260 m4 for mode two. Hence, mode one has
a higher bending stiffness and lower shear rigidity than mode two, which has higher
shear deformations and lower bending deformations. These differences mean the two
modes have very different mode shapes. A higher proportion of shear deflections in the
first mode mean that the mode shape has higher values throughout most of its height
than a bending mode shape that only gets close to unity on the uppermost third of the
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(a) Mode 1

(b) Mode 2

Fig. 4.3 A comparison of the mode shapes of Mjøstårnet generated in the ELFP model
(showing both the shear and bending components) against the mode shapes generated
in ETABS
building. As modal mass is the integral of mass and mode shape squared, this shear
dominated mode shape results in a higher modal mass for mode one.
The natural frequencies found in ETABS and the ELFP model are 20% and 11%
higher than those given by Abrahamsen (2017), for the first two modes, respectively.
This variation is most likely due to design changes since the paper’s publication, which
was released prior to construction. In the paper, the building’s dimensions were 17 x
37 x 81 m, but for the final design (which the ETABS and ELFP models are based
on), these were changed to 16.3 x 36.8 x 85.4 m.

4.2.2

Wind Response

Accelerations
Mjøstarnet is located on the side of a lake in Brumunddal, Norway. The characteristic
wind speed for the area is 22.0 m/s, and due to its lakeside location, a roughness value
of z0 = 0.01 m is assumed. The 50-year characteristic wind speed is reduced to 16.5
m/s and 19.9 m/s for a one and ten year return period, respectively. The turbulent
length scale and intensity at height zs (60% of the total height) are 165m and 11.7%.
Drag coefficients of 1.54 and 1.01 were used for the first two modes, and 1.9% is taken

4.2 Mjøstårnet

125

as the damping percentage to align with the analysis by SWECO (Abrahamsen (2017)).

Using the Eurocode procedure for along-wind accelerations for the first two modes
and taking the values for natural frequency and modal mass from ETABS (see Table
4.1), the peak expected one-year accelerations are 0.0362 m/s2 and 0.0587 m/s2 for
the first two modes. These values are at floor 17, the highest occupied floor and agree
reasonably well with the values of 0.042 m/s2 and 0.063 m/s2 given in Figure 10 from
Abrahamsen (2017), which were also calculated using the Eurocode procedure. The
cross-section of the pergola has a smaller face than the rest of the building which was
accounted for by integrating the wind speed at each level with the building’s width
at that height, using Equation 3.76. Repeating the calculation for the 10-year wind
speed gives peak accelerations of 0.0641 m/s2 and 0.107 m/s2 . Mjøstårnet is slightly
unusual because the second mode will have higher along-wind accelerations than the
first mode; this is because, in the 2nd mode, the building has a larger face to the wind
and a lower modal mass.
AWind simulations were run in both principal directions to accommodate the higher
mode frequencies. The peak acceleration over a ten minute period was 0.0310 m/s2 in
the x direction (mode 1) and 0.0429 m/s2 in y (mode 2), using the one-year wind speed.
For a ten year wind speed the peak accelerations increased to 0.0540 m/s2 and 0.0779
m/s2 , respectively. These are slightly lower than the Eurocode calculation, which is to
be expected due to the conservative approximations used in the Eurocode formula, for
example, assuming that all the wind energy is focused on just the first mode frequency.

A check for lock-in effects shows that V50 (h) is just 60% of vcrit so lock-in effects are
not expected to occur. Similarly √
V50 (h) is just 9% of vCG so galloping is not a concern.
H
n
BD
0
However, √BD = 3.49 ⩾ 3 and V(h)
= 0.39 ⩽ 0.4 so, according to the Japanese codes,
the building should also be checked for its across-wind response.
The along-wind accelerations would satisfy the ISO 10137 one-year and NBCC 2005
ten-year human comfort criteria and agree with the predictions made by Abrahamsen
(2017). However, the across-wind accelerations may be considerably larger than the
along-wind accelerations, and it does not appear from the papers by Abrahamsen (2017)
that SWECO checked these. The Canadian codes predict one-year peak accelerations
of 0.130 m/s2 and 0.126 m/s2 for the first two modes, which would not meet the ISO
10137 criterion. The Japanese codes predict an even higher peak value; 0.0569 m/s2
and 0.154 m/s2 for the first and second modes, respectively. Similar calculations for
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(a) One year

(b) Ten year

Fig. 4.4 Peak along and across-wind accelerations calculated for Mjøstårnet via a range
of methods, and compared to one-year and ten-year human comfort criteria
the ten-year wind speed predict that the peak across-wind accelerations would also be
slightly higher than the NBCC 2005 criterion recommends, see Figure 4.4b.
Across-wind accelerations are challenging to predict due to the complex interaction
between a building’s shape and the resultant vortex shedding; however, as this building
has a rectangular cross-section that is consistent throughout its height, the results of
the Japanese codes (which are based on wind-tunnel tests of buildings with rectangular
cross-sections) are likely to be reasonably accurate. These results suggest that the largest
accelerations will be across-wind in the second mode. Hence, a wind tunnel analysis is
necessary for Mjøstårnet to check its across-wind performance. The only wind-loading
analysis included in the paper by Abrahamsen (2017) is from the Eurocodes, and
wind tunnel testing was "found to be unnecessary because of the structure’s regular
geometry". Such an assumption may be reasonable for a traditional steel or concrete
building which is much heavier, but should not be assumed for a lightweight tall timber
structure.
Deflections
Next, the wind pressures are found and applied to the ELFP spreadsheet model to
find the expected deflections from a 50-year characteristic wind speed. For across-wind
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loading, Equation 3.86 for the equivalent lateral force from the Eurocodes gives a
pressure of 1810 N/m2 to be applied to the first mode and 1150 N/m2 for the second.
Inputting these into the ELFP model gives a displacement of 81 mm in the X-direction
(first mode) and 145 mm in the Y direction (the second mode). Again, it is to be
expected that the second mode would have a larger response as it has the broadest
face to the wind. This calculation roughly agrees with the literature, which gave a
maximum horizontal deflection of 140 mm (Abrahamsen (2017)). Analysis in ETABS,
using the built-in Eurocode 2005 analysis, with cp =0.8 and 0.7 for windward and
leeward faces, produces very similar results; 85 mm in the X direction and 142mm
in Y. AWind predicts lower displacements (50 and 74 mm in X and Y, respectively),
again this is to be expected as AWind is less conservative than the Eurocodes because
the Eurocode typically overestimate a building’s response.
The Japanese codes give an equivalent static pressure of 697 N/m2 for the first
mode (applied to the wide face) and 2300 N/m2 for the second mode (applied to the
narrow face) for across-wind loading. The resulting deflections would be 71 mm in the
X direction (mode one) and 153 mm in the Y direction (mode 2). These results are
summarised in Table 4.2.
Based on the largest deflection (across-wind in mode two) of 153mm, the drift ratio
of Mjøstårnet would be H/555, which satisfies the criterion of being stiffer than H/500.

Table 4.2 Mjøstårnet tip displacements for a 50-year wind
Eurocode Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind
Literature

X-dir (Mode 1) mm
81
85
47
71

Y-dir (Mode 2) (mm)
145
142
66
153
140

Effect of concrete floors
The initial design for Mjøstårnet did not include the concrete floors on the upper
levels. These were added to the structure to increase its mass, to provide more stability
against overturning moments and reduce vibrations under wind loading.
Using the ETABS model, if the concrete floors are replaced with the CLT floors
from the lower levels, the modal stiffness will not change, but the modal mass decreases
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to 1,450,000 kg for the first mode and 935,000 kg for the second mode. The reduction
in modal mass increases the first two natural frequencies to 0.593 Hz and 0.631 Hz.
This change in structural dynamics increases the peak one-year along-wind acceleration
to 0.0931 m/s2 (using the Eurocode procedure) and 0.263 m/s2 for the across-wind
acceleration (using the AIJ code) for the second mode (see Figure 4.5a). The use of
concrete floors on the upper levels reduces the along-wind accelerations such that the
ISO 10137 criterion would be satisfied, whereas it would not have been met with CLT
floors alone (across-wind accelerations were not shown in the analysis by Abrahamsen
(2017)).
Further data about the version of Mjøstårnet with CLT floors on the upper decks
is shown in the summary table at the end of this chapter.

(a) CLT versus concrete floors

(b) Original versus inclusion of rigid connections and CLT core

Fig. 4.5 Dynamic response of alternative versions of Mjøstårnet

Include rigid connections and stiffness of the CLT core
The results shown in Figure 4.4 are based on the same principles of SWECO’s analysis;
primarily that the connections should be taken as pinned (even if though they are
expected to carry some moments) and that the stiffness of the CLT core should be
ignored (Bjertnæs (2020)). Figure 4.5b shows how the dominant natural frequency
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and one-year peak accelerations (all in the Y-direction) would change, firstly if the
connections were considered fully rigid, and secondly if the stiffness of the core was
also included. The natural frequency remains essentially the same if the connections
are assumed to be rigid and the peak acceleration reduces slightly from 0.154 to 0.135
m/s2 . If the core’s stiffness is included, natural frequency increases to 0.434 Hz, but
the peak acceleration only reduces to 0.132 m/s2 . Interestingly, when the CLT core is
included, the translational mode that deflects in the X-direction becomes the second
mode (instead of the first), with a natural frequency of 0.474 Hz.

4.2.3

Performance Assessment

As outlined above, the building’s performance under wind loading is expected to be
dominated by the across-wind response of the second mode, i.e. when the wind is
blowing on the smallest face, and the building deflects perpendicularly to the direction
of the wind. Under these conditions, the building would fail both the one-year ISO
10137 and the ten-year NBCC 2005 human comfort criteria for a residential building,
shown in Figure 4.4.
Mode two, under across-wind loading, is the most critical condition for overturning,
with a ratio of 3.1 of overturning moments to restoring moments. Under an along-wind
response, this ratio increases to 3.3. Without the addition of concrete to the upper
floors, the overturning ratio would have been 1.8 for across-wind displacements and
1.9 for along-wind. The check for P-delta effects shows that the building would not
experience amplification effects with the amplification factor, AF = 1.00 for both
modes.
A simple check in the ELFP spreadsheet model shows that the building has a
safety factor of strength of 4.9 against the combined dead and live loads, with the most
stressed elements being at the base, which has a combined compressive strength of 403
MN, supporting a total load of 81.6 MN.
Based on this analysis, it is clear to see that wind loading is the most critical design
condition (which is in agreement with Abrahamsen (2017)). The building has an ample
strength capacity, and so the addition of extra mass to the upper floors will not have
required the vertical elements to increase in size (although the beams on the upper
levels are larger to support the weight of the concrete slabs versus the CLT). However,
the additional mass helps keep the overturning moment within an acceptable range and
will also help with the dynamic performance. As discussed earlier, SWECO has only
considered the along-wind response of the building. Under these conditions, the peak
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deflections and accelerations satisfy the serviceability criteria, but the building is likely
to fail these criteria when the across-wind response is considered. Wind tunnel testing
is required to make an accurate assessment of the building’s across-wind response.

4.2.4

Design Assessment

The total mass and volume of the structure, listed by material, is shown in Table 4.3,
comparing the volumes provided by Abrahamsen (2018) against those in the ETABS
model. The "Tra8" deck floor components have been included under CLT for both the
literature and ETABS. The concrete volume is larger in ETABS than quoted in the
literature as it includes the 50 mm of concrete screed added to the Tra8 floor decks,
which the literature excluded.
Table 4.3 Material use for Mjøstårnet: comparison between volumes stated in the
literature and found in ETABS
Abrahamsen (2018)
Material
Volume (m3 )
Glulam
1500
CLT
1190
Steel
15.3
Concrete
1100

ETABS Model
Volume (m3 )
1540
1180
15.3
1370

ETABS Model
Mass (kg)
739,000
568,000
120,000
3,280,000

Based on the material masses from ETABS in Table 4.3, and using the data from
Tables 3.2 and 3.3, the total cost of structural materials is estimated to be approximately
£2.6 million, and the estimated embodied carbon, excluding and including carbon
storage, are 1.3 million kg and -690,000 kg of CO2 respectively. The building has a
gross internal area of 10,500 m2 , so the carbon emitted equates to 122 kgCO2 /m2
excluding stored or -65 kgCO2 /m2 net if sequestered carbon can be included. The
material cost is £250 per m2 of floor space.

4.3

Haut

Haut is a hybrid concrete-timber structure that derives most of its lateral stability
from a concrete core but utilises CLT for floors and shear walls and glulam for most
beams and columns. Similarly to Mjøstårnet, the CLT floors also have a thin layer
of concrete screed topping. The building is under construction in Amsterdam. Upon
completion, it and will stand at 73 m tall and will be for residential use.
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(a) Embodied carbon

(b) Material costs

Fig. 4.6 Embodied carbon and material costs for Mjøstårnet based on the material
masses from the ETABS model listed in Table 4.3

4.3.1

Structural Dynamics

Verhaegh et al. (2018) states that the Haut’s dominant modes are lateral about the
principal axes with frequencies of 0.5 and 0.6 Hz. Arup generously provided access
to some of Haut’s building plans, so it was possible to build an accurate 3D model of
the building in ETABS. The model produced slightly higher resonant frequencies, 0.61
and 0.80 Hz for the translational modes and 0.73 Hz for a torsional mode. Due to the
off-centre core, which could not be moved due to architectural problems (Verhaegh
et al. (2018)), torsional modes are more problematic for Haut than for more regularly
arranged buildings. As shown in Figure 4.7 below, the translational modes (one and
three) also include some torsional displacements. The ETABS model includes a floor
load of 0.8 kN/m2 for partitions and 10% of a 2 kN live load as it is a residential
building. A façade load of 1 kN/m2 was recommended by Verhaegh (2020).
In an email conversation, Verhaegh (2020) said that the frequencies given in the
paper were conservative, as the engineers had run several iterations of the structural
dynamics, including testing the effects of removing the stiffness from the CLT walls.
Setting the CLT walls’ stiffness to zero in ETABS brings the results closer to those in
the literature, with the frequencies of translational modes decreasing to 0.48 Hz and
0.71 Hz, and the torsional mode decreasing to 0.57 Hz. However, for the analysis in
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(a) Mode 1

(b) Mode 3

(c) Mode 2

Fig. 4.7 Mode shapes from ETABS for the first three modes of Haut
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this chapter, the first two translational frequencies are taken as 0.61 Hz and 0.80 Hz,
which include the stiffness of the CLT walls.
The structural dynamics of Haut were also analysed in the ELFP model for the
translational modes (one and three). Analysis of the shear and bending stiffness of the
building showed that only 3% of deflections came from shear deflection of the walls for
the first mode and 2% for the third mode due to the high shear rigidity of the concrete
and CLT shear walls. The remaining 96% and 98% of deflections (for the first and
third modes, respectively) is due to Euler-Bernoulli bending. The shear rigidity of the
walls was calculated using Equation 3.46.
The second moment of area was calculated including all of the shear wall area but
excluding the sections where there were openings. The CLT walls provide flexural
stiffness (EI) of 1,130 GNm2 at the base, and the concrete core (assuming 1% rebar)
provides 2,290 GNm2 , both for the first mode. In the third mode, the CLT and concrete
shear walls provide 4,330 GNm2 and 2,890 GNm2 of flexural stiffness, respectively.
As shown in Table 4.4, the assumptions used in the ELFP gave a very good
approximation to the modal stiffnesses found in ETABS for the two translational
modes. The total mass of the building in ETABS is 9,640,000 kg and 9,650,000 kg
in the ELFP spreadsheet. Despite this alignment on total mass, the ELFP model
calculates the modal mass of mode one as slightly higher than ETABS. The mode
shapes generated by the ELFP align extremely well against those generated in ETABS
(shown in Figure 4.8), so the slight difference in modal masses between the two methods
is most likely due to the ELFP model having a less refined distribution of the mass.
Table 4.4 Haut modal properties
Mode 1

Verhaegh et al. (2018)
ETABS
ELFP

4.3.2

Mode 2

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

0.5
0.605
0.555

28,900,000
28,000,000

2,000,000
2,300,000

0.6
0.797
0.821

68,800,000
61,200,000

2,740,000
2,300,000

Wind Response

Accelerations
Figure 4.9 shows the Eurocode and AWind estimates for peak along-wind accelerations
(based on the modal properties from ETABS) and the estimates of peak across-wind
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(a) Mode 1

(b) Mode 3

Fig. 4.8 Mode shapes determined in the spreadsheet model of Haut alongside the mode
shapes generated in ETABS
using both the Japanese and Canadian codes. The analysis assumes a drag coefficient
of 0.98 for the first mode and 1.58 for the third, a basic wind speed of 24.5 m/s and
z0 = 0.5 m in accordance with the Netherlands National Annex for a built-up area.
The basic wind speed is reduced to 18.4 m/s for a one-year return period and 22.2 m/s
for a ten-year period. A damping percentage of 1.5% was chosen to align with the
analysis by Verhaegh et al. (2018). The turbulent length scale at zs was calculated as
111 m and the turbulence intensity as 22.6%.
Similarly to Mjøstårnet, the Japanese across-wind calculation gives the highest
estimated acceleration for both periods. The first mode peak acceleration is 0.0715
m/s2 for a one-year period which is approximately the same as the value of 0.0726
m/s2 stated in the literature (Verhaegh et al. (2018)). The peak acceleration would
be slightly above the level recommended by ISO 10137 for a one-year wind but the
ten-year accelerations (shown in Figure 4.9b) would be acceptable according to the
NBCC criterion. According to Verhaegh et al. (2018), the one-year peak acceleration of
0.0726 m/s2 predicted by Arup would be acceptable according to the Dutch National
Annex (Royal Netherlands Standardization Institute (2019)).
Lock-in effects or galloping are not expected to be a problem as the 50-year speed
at the top of the building would be just 35% of critical for lock-in and 5% for galloping.
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(a) One year

(b) Ten year

Fig. 4.9 One-year and ten-year peak accelerations for Haut
Deflections
Based on the Eurocode procedure, a pressure of 1,000 Pa should be applied to the
broad face of Haut and 1670 Pa to the narrow face to calculate the 50-year along-wind
displacements. These pressures were inputted into the ELFP model of Haut to give
tip displacements of 47 and 15 mm in mode one and three, respectively. Applying the
Eurocode wind pressure in ETABS with cp = 0.8 and 0.7 for the windward and leeward
faces resulted in displacements of 46 and 11 mm, lining up almost perfectly with the
ELFP model. As expected, the displacements calculated by AWind are slightly lower;
31 and 13 mm for modes one and three, respectively.
The Japanese codes estimate that pressures of 420 Pa and 1870 Pa should be applied
to the broad and narrow faces to find the across-wind deflections. These pressures
would result in a mode one deflection of 77 mm and a mode three deflection of 13 mm,
according to the ELFP from the spreadsheet model.
The largest calculated deflection is 77 mm, which is in mode one due to across-wind
loading, so the building has a drift ratio of H/954. Unfortunately, the literature does
not provide any expected values for the tip deflection, so this result is difficult to verify.
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Table 4.5 Haut tip displacements for a 50-year wind
Eurocode Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind

X-dir (Mode 1) mm
47
46
31
77

Y-dir (Mode 3) (mm)
15
11
13

Steel-Timber Hybrid Design
Arup initially designed a steel-timber hybrid structure for Haut consisting of CLT
shear walls and a single steel braced frame as the lateral stability system (Verhaegh
et al. (2018)) instead of using a concrete core. Although the plans for this structure
were not available, an approximate version has been modelled in ETABS (shown in
Figure 4.10), based on an image from Harms (2018), by switching all the concrete
walls to CLT, extending them throughout the height of the building, replacing the 80
mm concrete topping on floors with CLT and adding steel bracings between the steel
columns that support the cantilevered section.

Fig. 4.10 An earlier design of Haut with a steel-timber hybrid structural system. The
steel elements are shown in grey and the timber elements in orange.
The response of the first mode is shown in the chart in Figure 4.11, with 0.137
m/s2 as the one-year peak acceleration for the steel-timber hybrid, which would exceed
the ISO 10137 human comfort criterion and is almost twice the value predicted for
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the constructed version of Haut which has a concrete core. The steel-timber structure
has both a lower modal stiffness and modal mass than the concrete-timber version at
1,260,000 kg and 12,200,000 N/m, which both contribute to the higher peak acceleration.
The literature suggested that the first mode would be torsional, which can be very
problematic for the dynamic wind response and is generally avoided for tall building
design when possible. However, in the ETABS model, the torsional mode was found
to be the second mode again (as it was for the version with a concrete core). This
inaccuracy may be due to differences between Arup’s design and the approximate
version built-in ETABS which is based on a diagram rather than building plans.

Fig. 4.11 Peak one-year accelerations for the steel-timber hybrid of Haut vs the concretetimber hybrid
Arup chose the design with the concrete core as the most suitable option for
construction due to the improved dynamic performance. Using a concrete core gave
the building increased mass and stiffness (as explained above), a more flexible floor
plan and lower steel use. The steel was more costly from the perspective of CO2
emissions than the concrete core, and manufacturing steel connections for the CLT
panels that would minimise slippage but accommodate shrinkage was deemed too
complex (Verhaegh et al. (2018)).
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At the end of this chapter, Tables 4.13 and 4.14 show further details about the
performance of the steel-timber hybrid. For example, the overturning ratio, strength
ratio and drift ratios are worst performing than for the version with a concrete core.
The material costs for the steel-timber hybrid would have been higher, and a larger
proportion of the floor-space would have been occupied by structure.

4.3.3

Performance Assessment

Figure 4.9 above shows that Haut is likely to slightly exceed the maximum one-year
acceleration recommended by ISO 10137 for a residential building but comfortably
satisfy the ten-year recommendation from NBCC 2005. Across-wind vibration in the
first mode is the most critical for both peak accelerations and displacements. Although
the building does have a torsional second mode, this does not appear to be dominant
according to the AWind analysis, which, unlike the Eurocodes, can accommodate this
behaviour in its analysis. The peak displacement of 77 mm, gives a deflection ratio of
H/954, which would generally be considered as very stiff.
The building is very stable, with the lowest overturning ratio equal to 6.6; this is
for a mode one displacement due to along-wind loading. The amplification factor is
1.01, so P-delta effects are not expected to cause instabilities.
From the ELFP spreadsheet model, the total load at the base of the structure
(including all live load) is 114 MN, and the structural elements have a combined
strength capacity of 410 MN, giving the building a safety factor of 3.58.
Again, similarly to Mjøstårnet, controlling the wind dynamics has been the critical
design condition for this building; the strength and stiffness criteria are comfortably
met, but the structure has been designed to be stiffer than typically required thanks
to the inclusion of a concrete core. The stiffness and mass of the core reduce the peak
accelerations that the building would be experience in high wind speeds, ensuring that
occupants on the upper levels remain comfortable. By contrast, an earlier version that
relied on CLT for stiffness (described in Section 4.3.2) would not have met the human
comfort criteria.

4.3.4

Design Assessment

Verhaegh (2020) lists the total mass as 11,900 tons. The total mass of the building in
the spreadsheet, including partition loads and including 100% of the live load, is 12,100
tons. The masses and volumes of structural material (excluding live loads, partition
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loads and façade loads) from ETABS are shown in Table 4.6. These values are used
to calculate the total material cost and embodied carbon, shown in Figure 4.12. The
total cost of Haut’s structural materials is estimated to be £3,300,000, or £240 per m2
across a gross internal area of 13,800 m2 . The embodied carbon is estimated to be 1.7
million kg when excluding storage or -730,000 kg if including, which equates to 127
kg/m2 emitted or 53 kg/m2 sequestered respectively.
Table 4.6 Material usage for Haut based on volumes from ETABS
ETABS Model
Volume (m3 )
Glulam
540
CLT
3140
Steel
20
Concrete
2290

(a) Embodied carbon

ETABS Model
Mass (kg)
220,000
1,320,000
160,000
5,490,000

(b) Material costs

Fig. 4.12 Embodied carbon and material costs for Haut based on the material masses
from the ETABS model listed in Table 4.6
By comparison, the earlier steel-timber hybrid design is estimated to have 2.0
million kg of embodied carbon, excluding storage or -2.6 million kg including storage.
This estimate is based on the assumption that an additional 50 m3 of steel is required
for the CLT connections. The reasoning by Verhaegh et al. (2018) that the concrete
version will have lower CO2 emissions is likely based on embodied carbon excluding
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storage and therefore working on the assumption that the timber will not be recycled
after use.

4.4

The Lodge

Unlike Mjøstårnet and Haut, the Lodge has not been constructed and is not expected
to be. It is a concept design for a 112 m, fully timber, residential tower (Smith (2017)).
The Lodge takes the form of an elliptical, hyperbolic paraboloid, whereby a series
of diagonal columns intersect throughout the height of the tower to form a diagrid
structure. Internally, a series of vertical glulam columns are arranged in an ellipse and
a second set in a square arrangement form a core. Glulam beams and CLT floors make
up the remainder of the timber structure. Full details of the structure can be found in
Section 2.4.3 in the Literature Review.

4.4.1

Structural Dynamics

Smith and Wallwork provided reports of the wind dynamics and timber quantities
(Tzokova (2017) and Smith (2017)) for The Lodge, which have made this analysis
possible. The 3D geometry could be easily generated in Grasshopper, a Rhino plug-in,
by arranging two sets of 24 vertical columns around an ellipse and then offsetting each
other by four nodes to form the hyperbolic paraboloid. Vertical columns and beams
were also generated in Grasshopper to create the internal structure. The geometry was
then exported to ETABS, and section sizes assigned based on the data provided by
Smith (2017).
The ETABS model calculates the first two frequencies (which are both translational)
as 0.364 Hz and 0.381 Hz, which align well to the value of 0.336 Hz used in the dynamic
analysis by Tzokova (2017). The ETABS and ELFP models of the building include
2 kN/m2 of live load (where 10% is included for dynamic analysis), 0.8 kN/m2 of
partition load and 1 kN/m2 of floor build-up and 0.5 kN/m2 for the façade. The floor
build-up is specified by Smith (2017) and includes floor finishes, chipboard flooring,
battens, mineral wood, Soundbloc and Fireline board.
In the ELFP model, the second moment of area of the building is calculated using
all the areas of all the internal columns and scaling the diagonal columns’ areas by
sin3 θ where θ is the inclination angle of the diagonal. The overwhelming majority
of the second moment of area of the building is due to the diagonal columns on the
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exterior structure; 2150 m4 out of a total of 2310 m4 for the first mode. Similarly, for
the second mode, 7900 m4 of a total of 9390 m4 is derived from the diagrid.
Although diagrid structures can be very good at providing shear rigidity, in this
case, the majority of the shear rigidity is derived from the racking of internal beams and
columns rather than from the diagrid. The diagrid’s shear rigidity can be calculated
by considering the diagonal from an elevation view and breaking the structure into
four layers of double diagonal X-braces. For the lowermost level, in mode one, the
diagrid provides just 6.00 MN/m of shear rigidity according to the ELFP model. In
comparison, the internal columns provide 1720 MN/m, and the beams provide 192
MN/m. This diagrid is inefficient because each X-brace spans a very small length
compared to the length of the diagonal. From Equation 3.44, the shear rigidity of an
X-brace is proportional to the the square of width of the braced area, divided by the
diagonal length cubed. So, for an X-bracing with a width of 2.8 m and a diagonal of
30 m (the largest X-brace for mode one), the shear rigidity becomes very small, and
the diagrid does not act as a good lateral load resisting structure. The shear rigidity
increases in the second mode (where the X-braces act across the broadest face of the
building) to 29 MN/m, but again, this is dwarfed by the shear rigidity of the columns
and the beams, which increase to 1,840 MN/m. Overall, the buidling deflects 65% in
shear for the first mode and 74% for the second mode (according to the ELFP model).
The assumptions from the ELFP model agree reasonably well with the numerical
results from ETABS (shown in Table 4.7) and with the mode shapes. A comparison
between the mode shapes from ETABS and the ELFP model is shown in Figure 4.14.
Table 4.7 Modal properties of the Lodge
Mode 1

Tzokova (2017)
ETABS
ELFP

Mode 2

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

0.336
0.364
0.381

18,700,000
20,600,000

3,570,000
3,590,000

0.705
0.659

74,800,000
73,900,000

3.810,000
4,310,000

In its current form, the hyperbolic paraboloid shape governs the angle of the diagrid
members. However, if the architect were to deviate from this design and instead allow
the diagonals to span every four floors (as is the case with the Gherkin) rather than
every 9 or 7 floors in the current design, the shear rigidity would increase from 6 MN/m
to 419 MN/m in the first mode and from 29 MN/m to 1850 MN/m in the second mode.
Furthermore, by using half as many diagonals and spacing them twice as far apart, the
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(a) Mode 1

(b) Mode 2

Fig. 4.13 Mode shape for the Lodge generated in ETABS
shear rigidity could increase to 1500 MN/m for the first mode and 4,810 MN/m for
the second.

4.4.2

Wind Response

Accelerations
The Eurocodes do not provide drag coefficients for buildings with an elliptical crosssection, so instead, the drag coefficient was found by treating the cross-section as a
rectangle with rounded corners. This assumption results in drag a coefficient of 0.693
for the first mode and 0.544 for the second. Taking 27 m/s as the characteristic wind
speed and z0 as 0.3 m (as used by Tzokova (2017) for her analysis of the same building),
and scaling down to 23.6 m/s for a one-year wind, the resulting one-year along wind
accelerations are 0.0695 m/s2 and 0.0159 m/s2 for the first two modes. This result
is slightly lower than the value of 0.0870 m/s2 estimated by Tzokova (2017). AWind
analysis produced similar peak accelerations of 0.0622 m/s2 and 0.0169 m/s2 in the
corresponding directions. The turbulent length scale is 154 m, and the turbulence
intensity is 18.5%. A damping percentage of 2% was used. Unsurprisingly, the first
mode accelerations are the largest, as the building is more flexible in this direction and
has a much wider face to the wind.
These results show that the along-wind accelerations would most likely meet the
one year ISO 10137 criterion for residential occupancy, shown in Figure 4.15a. The
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(a) Mode 1

(b) Mode 2

Fig. 4.14 Mode shapes of the Lodge calculated in the ELFP model and compared to
those from ETABS
along-wind accelerations due to a ten-year wind speed of 28.5 m/s are also are expected
to meet the NBCC criterion (see Figure 4.15b, with the Eurocode acceleration of 0.126
m/s2 and AWind acceleration of 0.101 m/s2 meeting the criterion of not exceeding 0.15
m/s2 .
Figure 4.15 also includes the marks for across-wind accelerations calculated by the
AIJ and NBCC codes, using a fluctuating overturning moment coefficient, C′L of 0.125
for an elliptical cross-section, taken from Tamura et al. (2015). The peak across-wind
accelerations of 0.108 m/s2 for a one-year wind or 0.193 m/s2 for a ten-year wind,
would exceed both the ISO 10137 and NBCC 2005 residential criteria.
Based on a Strouhal number of 0.15 for an ellipse (halfway between the value
for a rectangle and a circle), the Eurocodes predict that the critical wind speed for
lock-in would be just 24.2 m/s. This wind speed is expected to occur every year at
the building’s upper levels, so lock-in may be a problem. The Japanese codes specify
√
that lock-in is only likely to be a problem for circular buildings when H/ BD ⩾ 7
and Vh /(n1 Dm ) ⩾ 4.2. Neither of these criteria are satisfied, so according to the AIJ
codes, lock-in would not occur. Again, a wind tunnel test would be required to make
an accurate assessment.
Galloping is not predicted to be a problem with the 50-year speed reaching just 6%
of the speed required for galloping.
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(a) One year

(b) Ten year

Fig. 4.15 Predicted peak accelerations for the Lodge in comparison to the ISO 10137
and NBCC 2005 human comfort criteria
Deflections
The Eurocodes predict an along-wind pressure of 1,000 Pa for the first mode and 800
Pa for the second. Applying these to the ELFP in the spreadsheet model results in
displacements of 127 mm and 14 mm for the first and second modes, respectively.
AWind also predicts an along-wind displacement of 127 mm for the first mode but 69
mm for the second mode. ETABS predicts displacements of 151 mm and 17 mm with
cp equal to 1.0 and 0.8 for the windward and leeward sides.
According to the Japanese codes, the building would be subject to an across-wind
pressure of 1,500 Pa in the first mode (acting across the narrow face) and 390 Pa for
the second (acting across the broadest face). These pressures would result in deflections
of 85 and 15 mm, respectively.
Based on a peak tip deflection of 151 mm, the building has a drift ratio of H/742.

4.4.3

Performance Assessment

When subject to wind loading, the building would comfortably meet the standard
H/500 drift criterion, but its dynamic performance would still exceed both the ISO
101037 and NBCC comfort criteria despite its streamlined shape.
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Table 4.8 Tip displacements of the Lodge for a 50-year wind
Eurocode Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind

X-dir (Mode 1) mm
127
151
127
85

Y-dir (Mode 2) (mm)
14
17
69
15

The Lodge is expected to be sufficiently stable against wind loading, with an
overturning ratio of 3.6 when subjected to a wind loading blowing against its broadest
face. P-delta effects are not expected to be an issue, with the building having an
amplification factor of 1.00.
The total dead and live load at the base of the structure is 141 MN. This load is
resisted by 46.7 m2 of glulam, which has a combined strength capacity of 1,120 MN,
meaning that the building has a safety factor of 7.97 and is comfortably strong enough
to support its self-weight and imposed live loads.

4.4.4

Design Assessment

The masses of the different structural materials used in the ETABS model (excluding
glass) are listed in Table 4.9. These masses exclude any glass in the glazing, and as
the mass of steel connections is unknown, 180,000 kg was used as a very approximate
estimate based on the quantities used for connections from other buildings in this
chapter. The volume of glulam in ETABS is slightly higher than quoted in the Timber
Quantities Report by Smith (2017), but the amount of CLT is slightly lower. In total,
they are approximately the same amount of timber as quoted in the literature. The
contribution of each material to carbon emissions and material costs are shown in
Figure 4.16.
Table 4.9 Material use for the Lodge based on volumes from the ETABS model

Glulam
CLT
Steel

Smith (2017)
Volume (m3 )
6400
4880

ETABS Model
Volume (m3 )
6970
4030
22.9

ETABS Model
Mass (kg)
3,130,000
1,810,000
180,000

In total, the material required for the Lodge is estimated to cost £8.6 million and
emit 2.6 million kg of embodied carbon (excluding storage) or -4.8 million kg, i.e.
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(a) Embodied carbon

(b) Material costs

Fig. 4.16 Embodied carbon and material costs for the Smith and Wallwork Tower
based on the material masses from the ETABS model listed in Table 4.9
store 4.8 million kg of CO2 if storage can be included (if the wood is harvested from
sustainably managed forests and will be recylced at the end of its life).
The building has a gross internal area of 23,300 m2 , so the material cost per unit of
area is £297, and the embodied carbon emitted or stored is 91 kg/m2 or -165 kg/m2 ,
respectively.

4.5

Unnamed Smith and Wallwork Tower

Smith and Wallwork’s second proposal is for a 127 m timber residential building, which
has a braced glulam frame, with single diagonals, similar to Mjøstårnet (Smith (2018)).
The building has a series of sub towers of varying heights, interconnected with steel link
trusses at three points throughout its height. Besides the external bracings, there is a
grid of internal beams and columns that also help bear the gravity load and provide
lateral stability. The floors are made from CLT, although various options for adding
concrete to the floors to increase the building’s mass have also been explored (see
Section 2.4.4 in the Literature Review for more details).
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4.5.1

Structural Dynamics

Smith and Wallwork provided detailed plans and reports of the tower and an S-FRAME
model such that the geometry of the building could be imported into ETABS where
section sizes were assigned in accordance with the building plans. A report by Tzokova
(2018) lists the natural frequency as 0.428 Hz, which approximately agrees with the
ETABS model, which predicts a first mode frequency of 0.469 Hz. Based on Smith and
Wallwork’s recommendations, loads of 0.8 kN/m2 on the façade and 2 kN/m2 on the
floors were included as additional mass. The floor load comprises 10% of the 2 kN/m2
live load, 0.8 kN/m2 for partitions and 1 kN/m2 for floor build-up (similarly to the
Lodge). The building is largely the same in both the X and Y direction, with only
some slight variation at the top as the building tapers, so the second mode frequency,
0.474 Hz, varies very little from the first. The first two mode shapes generated in
ETABS are shown in Figure 4.17.

(a) Mode 1

(b) Mode 2

Fig. 4.17 First two ETABS mode shapes for the Smith and Wallwork Tower
As the first two modes are essentially the same, the ELFP model has been designed
to model just one translational mode. The ELFP model assumes that the full area
of all exterior and interior columns contributes to the bending stiffness and that the
area of the exterior diagonals is scaled by sin3 θ. The shear rigidity is provided by the
single-braced diagonals, K-braced link beams and the internal beams and columns,
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Fig. 4.18 The ETABS mode shape for the Smith and Wallwork Tower in comparison
to the shape generated in the ELFP model
which are assumed to be rigidly connected. The building is designed as a grid system,
with 66 beams and 37 internal columns for the majority of the building (before it
begins to taper). Perhaps surprisingly, this internal moment resisting frame system
provides the bulk of the shear rigidity, 756 MN/m versus just 39 MN/m from the
timber bracings. However, the bracing rigidity increases to 2,000 MN/m on the storeys
that have the steel link beams. Based on these assumptions, the modal mass, stiffness
and frequency predictions from the ELFP agree with ETABS (see Table 4.10) and
estimates that 75% of the deflection is due to shear and 25% due to bending. By
comparing the mode shape generated in ETABS to the shape from the ELFP model,
it appears that the ELFP model may be over-predicting the shear contribution. By
increasing the shear capacity and reducing the bending stiffness in the ELFP model, a
mode shape can be generated that matches the one produced in ETABS; this suggests
that the displacements due to shear could be as low as 45%. The building is a series of
"bundled tubes" with exterior bracings and with tubes connected via steel K-braces,
so in reality, the shear rigidity of these interconnected elements is likely to be more
complex than described by the ELFP model.
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Table 4.10 Smith and Wallwork Tower modal properties
Mode 1

Tzokova (2018)
ETABS
ELFP

4.5.2

Mode 2

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

0.428
0.469
0.467

19,800,000
19,000,000

2,280,000
2,210,000

0.474

22,300,000

2,520,000

Wind Response

Accelerations
The tower’s proposed location cannot be disclosed, but it is situated in an area with
relatively high wind speeds and low surface roughness, with Tzokova (2018) listing vb
as 27 m/s and z0 as equal to 0.2 m. Using cprob to adjust, the basic wind speed is taken
as 20.2 m/s over a one-year period, and 24.5 m/s over a ten-year period. 1.39 is used
as the drag coefficient and 2% as the percentage of critical damping. The turbulent
length scale is calculated as 169 m, and the turbulence intensity is 16.8%, according to
the Eurocodes.
The resulting peak one and ten-year accelerations are shown in Figure 4.19; these
values are taken at 96.6 m which is the height of the highest occupied floor of the 126.5
m tall building. Yet again, the Japanese codes show that across-wind accelerations
are likely to cause the highest accelerations; 0.145 m/s2 for a one-year return period
and 0.258 m/s2 over a ten-year period. According to the Eurocodes, the along-wind
accelerations would also fail both human comfort criteria, with accelerations of 0.129
m/s2 and 0.235 m/s2 for one and ten year periods, respectively. Analysis in AWind
shows that the true along-wind accelerations may be slightly lower than predicted by
the Eurocodes but would nevertheless fail to meet the ISO 10137 criterion.
Lock-in and galloping are not a concern, with the largest 50-year wind speed
expected to reach 72% of the critical wind speed for lock-in and 3% of the galloping
wind speed.
Deflections
The equivalent static pressure from the Eurocodes for along-wind displacement is 2020
Pa, which, when inputted into the ELFP model, results in a deflection of 223 mm.
AWind predicts a peak along-wind displacement of 116mm and ETABS predicts 190
mm.
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(a) One year

(b) Ten year

Fig. 4.19 Predicted peak accelerations for the Smith and Wallwork Tower in comparison
to the ISO 10137 and NBCC 2005 human comfort criteria
The AIJ pressure for across-wind static deflection is 1510 Pa, resulting in a deflection
of 166 mm.
Based on a peak displacement of 223 mm, the building would have a drift ratio of
567, which would satisfy the typical stiffness criterion of H/500.
Table 4.11 Tip displacements of the Smith and Wallwork Tower for a 50-year wind
Eurocode Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind

4.5.3

X-dir (Mode 1) mm
223
190
116
166

Performance Assessment

As was the case for Mjøstårnet, the traditional requirement of being stiff enough to
meet the H/500 criterion does not guarantee that a timber building will meet the
dynamic criteria of limiting accelerations, such that the building is comfortable for
occupants on the upper floors. The Smith and Wallwork Tower has a drift ratio of

151

4.5 Unnamed Smith and Wallwork Tower

H/576 but far exceeds the ISO 10137 human comfort criterion. An investigation into
how the design could be modified to satisfy the dynamic criteria is shown at the end
of this Section.
The building meets both stability requirements with an overturning ratio of 3.3
and an amplification factor for P-delta effects of 1.00.
The total load at the base of the building (including 100% of the live load) is 165
MN. The glulam columns and diagonals have a combined area of 29.2 m2 with a total
strength capacity of 701 MN, giving the building a strength ratio of 4.01.

4.5.4

Design Assessment

The ETABS model has slightly more glulam and CLT than listed in the Timber
Quantity Report by Smith (2018) (see Table 4.12), despite being modelled from the
building plans provided by Smith and Wallwork. The quantities from ETABS listed
in Table 4.12 would have a total cost of £6.5 million and equate to 2.2 million kg of
embodied carbon (excluding storage) or store a net total of 3.5 million kg if storage
can be included.
The building has a gross internal area of 28,900 m2 , meaning that the materials
required would cost £228 per square metre of GIA and emit 76 kg of CO2 (excluding
storage) or store a net total of 120 kg of CO2 .
Table 4.12 Material use for the Smith and Wallwork Tower
Smith (2018)
Volume (m3 )
Glulam
4070
CLT
3720
Steel
41.5
Concrete
0

4.5.5

ETABS Model
Volume (m3 )
4850
4040
41.5
0

ETABS Model
Mass (kg)
2,040,000
1,700,000
326,000
0

Sensitivity Analysis

Unlike Mjøstårnet and Haut, this Smith and Wallwork tower is not a building that
has been constructed and remains as a design proposal for now. As part of this thesis,
the author engaged with Smith and Wallwork to provide some sensitivity analysis to
show how the peak accelerations could be reduced. This analysis was carried out in
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(a) Embodied carbon

(b) Material costs

Fig. 4.20 Embodied carbon and material costs for the Smith and Wallwork Tower
based on the material masses from the ETABS model listed in Table 4.12
the ELFP model as it is much faster to change parameters and get instant results than
making numerous onerous changes to the ETABS model.
Figures 4.21a and 4.21b compare the effects of adding a layer of concrete to the
uppermost ten floors or to the whole building. Additional concrete increases the modal
mass, thereby decreasing the natural frequency and also reducing the accelerations. As
the modal mass at each level is the product of the mass and the square of the mode
shape at that level, mass on the uppermost floors, where the magnitude of the mode
shape is greatest, has the largest impact. 1.3 million kg of concrete, added as a 150
mm layer of concrete to the upper floors, reduces the peak AIJ acceleration from 0.145
m/s2 to 0.126 m/s2 . By comparison, adding 9.1 million kg of concrete to the remaining
28 floors (also as a 150 mm deep layer) would only reduce the peak AIJ acceleration
down to 0.109 m/s2 . Although adding mass helps reduce the accelerations, further
measures would be required for this building to control the vibrations to a comfortable
level.
Changing the building’s width or height would both have a strong effect on controlling the accelerations. For example, a 60m tall building of the same design would
satisfy the human comfort criteria without the need to add additional mass (see Figure
4.21d). Increasing the building’s width means that it has a larger face to the wind, but
it also increases in mass and becomes stiffer due to the columns being further away
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from the central axis. Increasing the width from 32 to 40 m would reduce the AIJ
accelerations from 0.145 to 0.112 m/s2 , shown in Figure 4.21c.
An option to increase the building stiffness without requiring significantly more
material would be to change the cross bracings (see Figure 4.21e). Changing the large
glulam bracings to steel, with the same section sizes as the steel link trusses, would
make almost no difference. Increasing the sizes of the glulam bracings would also have
little effect. However, if the single braces and link trusses were replaced with X-braces
that spanned the building’s entire width every nine storeys, this would significantly
increase the stiffness but only slightly reduce the accelerations from 0.145 m/s2 down
to 0.139 m/s2 . There are, of course, numerous other options to increase the building’s
stiffness, for example, scaling all of the sizes of the sections, using a higher grade of
glulam or adding additional elements such as shear walls. Bracings were investigated as
they would be relatively cheap to increase in size instead of adding significantly more
material. Alternative structural typologies for buildings of this height are explored in
more detail in Chapter 6.
If additional damping could be added to the structure, for example, by a tuned
mass damper, the peak acceleration could be reduced to 0.0914 m/s2 with an additional
3% damping (i.e. 5% in total). The effect of adding extra damping is shown in Figure
4.21f.
To make the building comfortable, meeting the ISO criterion would require numerous
amendments to the current design. Simply adding mass, stiffness, or damping alone
would not be sufficient. To find a viable solution, a little of all the elements have been
compounded (while maintaining the original height). The "New" mark in Figure 4.22
is for the Smith and Wallwork Tower with a width of 40 m, timber X-bracings, an
extra 1.7% damping and 150 mm of concrete on the uppermost 15 floors. Alternatively,
if the building were to be built in a city with much lower wind speeds then the original
design would be viable. For example, the same building subjected to London wind
speeds would also meet the comfort criteria.
Another option would be to reduce the accelerations by changing the building’s
shape or smoothing out its corners. Doing so would reduce the drag coefficient and
fluctuating overturning moment coefficient which are directly proportional to the peak
along and across-wind accelerations respectively. For example, changing the building’s
cross-section from a square to a circle would reduce the peak accelerations by 62%!
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(a) Add mass to upper floors

(b) Add mass to all floors

(c) Change building width

(d) Change building height

(e) Change cross bracings

(f) Change damping

Fig. 4.21 Sensitivity analysis to reduce peak one year acceleration for the Smith and
Wallwork Tower
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Fig. 4.22 The peak accelerations of a new design of the Smith and Wallwork Tower,
including X-braces, extra damping, concrete topping on the upper floors and increasing
the building’s width. The peak accelerations of the original design, if located in London,
are also shown.

4.6

Summary

The key takeaway from the analysis in this chapter must be that the wind dynamics of
tall timber buildings are highly problematic, even at the relatively humble heights of
70 to 130 m. Of the four buildings investigated, only Haut, which has a concrete core
and shear walls, comes close to meeting the ISO 10137 criterion for human comfort
(see Table 4.13). The peak accelerations for all buildings would be due to across-wind
accelerations according to the Japanese building codes. The across-wind response is
the most difficult to predict accurately, and the codes should only be considered a very
approximate estimation. Wind tunnel testing would be required to verify these results.

Table 4.13 Summary of structural performance
Mjøstårnet
One-Year Acc. / ISO Limit
Drift Ratio, H/∆
Overturning Ratio
Strength Ratio
Amplification Factor

255%
555
3.1
4.9
1.00

Mjøstårnet
All CLT Floors
531%
559
1.8
6.6
1.00

Haut
141%
954
6.6
3.6
1.00

Haut
Steel-CLT Hybrid
161%
575
3.8
3.3
1.00

Lodge SaW Tower
170%
742
3.6
8.0
1.00

225%
567
3.3
4.3
1.00

SaW Tower
New
99%
872
6.1
2.5
1.00
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The high accelerations are despite the buildings all meeting the H/500 drift ratio
(also summarised in Table 4.13). These responses are because lightweight structures
are highly susceptible to vortex-induced vibrations (across-wind) even if their stiffness
is sufficient. Haut, which has the best dynamic performance, has a building density of
187 kg/m3 . By comparison, the other structures all have a density of less than 100
kg/m3 (see Table 4.14). Haut is also the stiffest building, with a drift ratio of H/954.
Its high stiffness helps to reduce accelerations and increases its natural frequency.
However, higher frequency vibrations are more perceptible to occupants, so the ISO
10137 criterion stipulates a lower acceleration tolerance at these frequencies.
The buildings are all comfortably strong enough to resist their dead and live loads,
sufficiently heavy enough to withstand overturning, and P-delta effects would not
be problematic for any of them. Based on the high strength factors, it appears that
stiffness and dynamic response have been the limiting factors when determining section
sizes, as opposed to strength.
Table 4.14 summarises the design performance of the four towers and also of their
alternative designs. The table includes their structural mass (excluding any floor
build-ups or façade) and carbon usage as a total and per unit area of gross internal floor
space so that the buildings can be compared, irrespective of their different geometry.
Table 4.14 Summary of design performance
Mjøstårnet
Gross Internal Area (GIA)
(m2 )
Volume of Structural Material
(m3 )
Mass of Structural Material
(kg)
Embodied Carbon, Excl. Storage
(kgCO2 )
Embodied Carbon, Inc. Storage
(kgCO2 )
Material Costs
(£)
Building Density (Structure Only)
(kg/m3 )
Embodied Carbon, Excl. Storage
(kgCO2 /m2 )
Embodied Carbon, Inc. Storage
(kgCO2 /m2 )
Material Costs
(£/m2 )
Largest Timber Column Area
(m2 )
Percentage of Floor Space
Occupied by Structure

10,500

Mjøstårnet
All CLT Floors
10,500

4,110

Haut

Lodge

SaW Tower

13,800

Haut
Steel-CLT Hybrid
13,800

23,300

28,900

SaW Tower
New
45,400

3,630

5,980

6,750

11,020

8,930

16,000

4,710,000

2,720,000

7,190,000

3,020,000

5,130,000

4,060,000

14,310,000

1,290,000

1,040,000

1,740,000

1,500,000

2,620,000

2,200,000

4,030,000

-690,000

-1,280,000

-730,000

-3,080,000

-4,770,000

-3,460,000

-3,810,000

2,630,000

2,670,000

3,270,000

4,950,000

8,570,000

6,570,000

9,750,000

92

53

180

76

54

43

95

122

99

127

109

91

76

89

-65

-122

-53

38

-165

-120

-84

250

254

237

359

297

228

215

0.928

0.928

0.384

0.500*

0.675

1.00

1.00

3.15%

3.15%

2.77%

3.06%

5.74%

3.39%

4.49%

Although Haut has the best dynamic performance, its extensive use of concrete
means that it is the most carbon intensive at 127 kgCO2 /m2 , and if storage is included,
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it sequesters the least at -53 kgCO2 /m2 . Mjøstårnet, which has concrete floors slabs on
the top seven floors, has similar values, despite its glulam frame; 122 and -65 kgCO2 /m2 ,
respectively. By comparison, the Smith and Wallwork Tower, which has no concrete,
accounts for 76 kgCO2 /m2 of carbon (excluding storage), and if a 150 mm layer of
concrete were to be added to the top fifteen floors to control the vibrations, this value
increases to just 89 kgCO2 /m2 . Looking at net carbon storage (if the timber is sourced
from sustainably managed forests and recycled at the end of use), the Lodge, which
has an extensive glulam diagrid and internal structure, performs the best, storing 165
kgCO2 /m2 . However, the expansive structure means that columns or diagrid elements
occupy 5.74 % of the Lodge’s floor space. Again, Haut’s concrete and CLT shear walls
perform well by this metric, occupying less than half as much at 2.77%. Overall, none
of the section sizes for the two Smith and Wallwork proposals look problematic to
manufacture. The largest are the 1 by 1 m corner columns for the 127 m tall Smith
and Wallwork Tower, which are not much larger than the 0.625 by 1.485 m corner
columns used for Mjøstårnet.
For any tall timber building to be constructed it must be economically viable.
Based on just the main structure’s material costs (excluding façade, internal finishings
and construction costs), the Smith and Wallwork Tower would be the cheapest at £228
/m2 . If the "New" design were constructed, which has a larger 40 by 40 m plan (instead
of 32 x 32 m), this would improve to £215 /m2 ; however, this value excludes the cost
of the additional damping, e.g. via a tuned mass damper. The most expensive is the
original CLT-steel design for Haut, which would have cost £359 /m2 if constructed.
Replacing most CLT walls with concrete and eliminating the steel bracing elements
would reduce the cost down to £237 /m2 .

Chapter 5
Dynamics of Iconic Steel and
Concrete Skyscrapers
5.1

Introduction

This chapter introduces the four iconic skyscrapers that will be re-designed as tall
timber or timber-hybrid buildings in Chapter 6 and then tested for their dynamic
performance. For the analysis in Chapter 6 to be relevant, it is first vital to check that
the performance of these steel and concrete buildings can be modelled and analysed
sufficiently accurately, such that their performance under wind loading bears a good
resemblance to any available literature detailing their deflections and accelerations
under wind loading. This comparison between the literature and analysis serves as
a sanity check, so that there can then be a good level of confidence in the methods
chosen for the subsequent analysis of the timber versions of these buildings.
However, it is important to remember that the results presented in this chapter show
the dynamic performance of the buildings modelled by the author and that the models
are not exact replicas of the actual buildings. Although the models of the John Hancock
Center and the Shard should be reasonably accurate as the building plans and a finite
element model (respectively) were generously provided by SOM and WSP, the models
of the Gherkin and 432 Park Avenue are based on much sparser information which has
been compiled from the literature. Despite this caveat, the four buildings modelled
show four different structural designs that have been deemed successful enough to
construct, and have subsequently become four of the most recognisable skyscrapers in
the world. Whilst many architects will continue to propose concept designs for very
tall timber buildings that may or may not be constructible, from timber or from any

160

Dynamics of Iconic Steel and Concrete Skyscrapers

other material, this set of four skyscrapers provides a set of template designs upon
which timber can be tested at much higher heights, knowing that such designs would
already be viable in traditional construction materials.
As a set, shown to scale graphically in Figure 1.5, the Gherkin, the Shard, the John
Hancock Center and 432 Park Avenue cover a range of heights from 182 to 426 m, and
capture design philosophy from 1970 to 2015. Their lateral stability systems include a
cylindrical diagrid, concrete cores, tubular cross-bracing, outriggers, hat trusses and a
basket grid of external beam and columns. The buildings are made of steel, concrete
or a hybrid of both. This small set of case studies provides a good range of design
variations which can be checked for their feasibility as possible templates for the next
generation of tall timber buildings.

5.2

The Gherkin

Unlike some of the other case study buildings, there were no detailed structural plans
accessible for the Gherkin. However, due to the building’s geometry and detailed
structural information in a paper by Munro (2004), it has been possible to build both
an ELFP and a three-dimensional FE model of the Gherkin that should be reasonably
accurate to the real structure.
The geometry of the diagrid and core of the Gherkin was generated using the
Grasshopper plug-in in Rhino (see Figure 3.8), based on the diameters of each level,
found from an elevation drawing by Munro (2004). There are 18 pairs of diagrid
columns that intersect every two storeys. The diagrid columns are specified by Munro
(2004) as cylindrical tubes varying between 508 mm wide and 40 mm thick at the base,
reducing to 273 mm wide with a thickness of 12.5 mm at level 38. For the models
these dimensions were linearly interpolated throughout the height of the building. A
22 m tall dome with 110 x 150 mm hollow sections replaces the diagrid for storeys 38
and above.
Munro (2004) specifies that the total mass of the Gherkin’s steel-work is 8358
tonnes with 29% in the diagrid (including the dome), 24% in the core columns and
47% in the beams. Using this information, various photographs from construction and
a floor plan from the paper by Munro, which shows the layout of beams, the in-built
steel design capabilities of ETABS were utilised to find suitable sections sizes for the
core columns, beams and the dome. The total mass of steel in the ETABS model is
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8,338 tonnes, split as 30% in the diagrid, 23% in the core columns and 44% in the
beams.
The steel design in ETABS showed that it was necessary to use larger section sizes
for the radial beams that connect the nodes of the diagrid to the core. These occur on
every other floor (as each diagrid column spans two floors) and help to create diaphragm
action at these levels, ensuring that the cylindrical diagrid deflects uniformly on both
sides (as opposed to compressing on the side which is subject to lateral loading).

5.2.1

Structural Dynamics

For modal analysis, the structure includes a partition load of 0.8 kN/m2 and 10% of
the 2.5 kN/m2 live load, both added as additional mass to the floors, and a facade load
of 0.8 kN/m2 across the exterior.
Modal analysis in ETABS showed that the first two modes are translational, both
with frequencies of 0.324 Hz and modal masses and modal stiffnesses of 9,170,000 kg
and 38,000,000 N/m, respectively. Figure 5.2 shows the first mode shape and the
corresponding distribution of axial forces in the diagrid columns for the deflected shape.

Figure 5.2b shows the columns on opposing sides of the structure in tension and
compression to resist bending, and that the intervening structure acts as a large grid
of X-braces to provide shear rigidity. The shear behaviour of the Gherkin can be
described by Equation 3.44 by summing the GA/h of all the X braces in each layer
(with each layer spanning four stories) when viewed in the plane parallel to the direction
of deflection.
The principle of virtual work can also be applied to the lengthening and shortening
of diagrid columns as they resist global bending. The area of the columns has been
scaled by sin3 θ at each level, where θ is the angle of the diagonal. θ changes for each
storey as the circumference of the building changes. Together with the Equation 3.44
for the shear rigidity, this assumption gives a very similar estimate to ETABS of the
first mode shape and the modal stiffness and modal mass of the Gherkin (see Table
5.1 and Figure 5.1). The ELFP model shows that 39% of the first mode deflections
are due to shear and 61% due to bending. By comparison, the Lodge, which has very
steep diagonals that are not as effective for lateral shear rigidity, deflects by 65% in
shear and 35% in bending.
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Fig. 5.1 The mode shape for the Gherkin from the ELFP model (separated into shear
and bending displacements) and the ETABS mode shape.
Table 5.1 Modal properties of the Gherkin
Mode 1

ETABS
ELFP

5.2.2

Mass
(kg)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

47,800,000
48,100,000

0.324
0.340

9,170,000
8,600,000

38,000,000
39,200,000

Wind Response

Accelerations
The percentage of critical damping is assumed to be 1.4%, based on the standard
Eurocode value for a steel building and the recommended aerodynamic damping.
Figures 7.28 and 7.36 in the Eurocodes stipulate a force coefficient of 0.57 for a cylinder
with an average width of 47 m.
The input parameters to model the wind conditions in London are a basic wind
speed of 21.5 m/s, a roughness value z0 of 1.0 m, altitude of 40 m (as specified in the
National Annex by British Standards (2011)). The turbulence intensity is 21.3%, and
the length scale is 200 m.
The one-year characteristic wind speed is 16.8 m/s, from which the resulting alongwind acceleration in the first mode on the highest occupied floor (157 m) is 0.0123
m/s2 according to the Eurocode calculation.
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(a) Mode shape

(b) Corresponding axial force distribution

Fig. 5.2 First mode of the Gherkin
Taking a fluctuating overturning moment coefficient, C′L of 0.06 from Tamura
et al. (2015) for a building with a circular cross-section, results in a a one-year peak
across-wind acceleration of just 0.140 m/s2 , according to the AIJ codes, which is just
slightly higher than the along-wind acceleration of 0.127 m/s2 from the Eurocodes.
Both the across and along-wind accelerations, shown in Figure 5.3a, are extremely
low thanks to the Gherkin’s circular cross-section and high modal stiffness, and would
both very comfortably satisfy the ISO 10137 criterion. The building performs similarly
well at a ten-year wind speed of 22.3 m/s, with no along or across-wind accelerations
expected to exceed the NBCC 2005 criterion (see Figure 5.3b). Unfortunately, no peak
acceleration values for the Gherkin have been found in the literature against which
these results could be compared.
In reality, it is likely that the across-wind vibrations of the Gherkin are lower than
predicted by the codes due to the tapered shape of the building. It’s changing crosssection will cause vortecies to shed at different frequencies and therefor be decorrelated
throughout the height of the building. Analysis in VXFlow, illustrated in Figure 5.4,
shows this effect. Each chart shows the force spectra for a different slice of the building.
As the diameter of the Gherkin widens the peak frequency of the force spectra reduces.
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(a) One year

(b) Ten year

Fig. 5.3 Peak along and across-wind accelerations for the Gherkin
As the vortecies will be shedding at different frequencies throughout the building’s
height they will not be in sync, so some will be cancelling each other out and thereby
reducing the vortex induced vibrations.
Deflections
Just as the Gherkin has low accelerations, it is also expected to have low deflections.
For a fifty-year wind, the building would be subject to a 519 Pa equivalent static
pressure according to the Eurocodes. This value is low due to the moderate wind speeds
in London and the low drag coefficient of the building due to its circular cross-section.
According to the ELFP model, this pressure would result in an along-wind deflection of
51 mm, which agrees almost perfectly with the value of 50 mm given by Munro (2004).
ETABS and AWind predict along-wind deflections of 55 and 31 mm, respectively.
Based on a peak along-wind deflection of 55 mm, the building has an astonishingly
low drift ratio of H/3300, making it considerably stiffer than typically required.
The Japanese codes for across-wind deflection give a pressure of 303 Pa, which
would result in a deflection of 27 mm. In practice, the across wind pressure would be
even smaller due to the building’s tapering form, which would reduce the correlation
between vortices. This effect was shown using CFD analysis in VXFlow (see Figure
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Fig. 5.4 Analysis of the Gherkin in VXFlow showing the change in the frequency and
magnitude of across-wind force as the building’s cross-section changes. The plots show
the results from different sections of the Gherkin, taken every 20 metres throughout
the building’s height.
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5.4) whereby the pressure oscillates at different frequencies throughout the building’s
height. A wind tunnel test would be required to make a more accurate assessment of
the building’s accelerations and deflections due to vortex-induced vibrations.
Table 5.2 Tip displacements of the Gherkin for a 50-year wind
Eurocode Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind
Munro (2004)

5.3

X-dir (Mode 1) mm
51
55
31
27
50

The Shard

WSP, the structural engineering firm behind the Shard, generously supplied an ETABS
model of the building, which has made the analysis in this section possible. The model
provided did not include the uppermost section of the spire. The spire has been added
to the model based on an image from Parker (2019). The model from WSP includes
live loads specific to each floor’s intended purpose, varying between 0.75 to 5.0 kN/m2 .
The modal analysis includes 25% of the live load and 100% of superimposed dead
load (non-structural but permanent mass such as floor finishes), as specified by WSP’s
model.

5.3.1

Structural Dynamics

Figures 5.5c and b show the axial forces in the Shard’s frame for the first two modes.
For each mode, sets of slanted columns on the exterior face of the building carry
large opposing axial forces to resist bending. A hat truss near the top of the building
connects the exterior columns and core, ensuring that the internal and external lateral
load resisting systems act together. This system can be thought of as somewhat like
a "guyed-mast", whereby the core is the mast that is supported by a set of guy ropes
on each face, although in this case, the guy ropes are large steel columns that can
support both tension and compression. Although there are also some interior columns,
mainly on the lower floors, this system allows for very open floor plans without diagonal
bracing elements, whilst the central core provides the shear stability
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(a) Mode 1 shape

(b) Mode 2
shape

(c) Mode 1 forces

(d) Mode 2 forces

Fig. 5.5 Axial forces and the mode shapes (showing the core only) of the Shard. The
ETABS model shown was provided by WSP.
The first two natural frequencies of the Shard are listed in a wind tunnel report by
Xie et al. (2008) as 0.186 Hz and 0.190 Hz. The ETABS model gives similar results
of 0.198 Hz and 0.212 Hz despite having a larger mass than listed in the wind tunnel
report. The difference in mass is most likely due to a variation in the amount of live
load and superimposed dead load included between the report and the model.
An ELFP model of the Shard has been assembled by exporting the section sizes
and their locations from the ETABS model. The second moment of area was calculated
using the cross-sectional areas of columns and the core walls and their distance from
the central axis. The columns contribute to 60% of the total EI at the base, for the
first mode, but this reduces to 30% on the 68th floor (the uppermost level of the core).

The ELFP model calculates both the shear rigidity of the internal beams and
columns (Equations 3.41 and 3.42), the core (Equation 3.47) and the X-braced spire
(Equation 3.44) which replaces the concrete core for storeys 69 and above. For the
first 68 floors, the shear rigidity due to the racking of beams and columns is negligible
compared to the rigidity of the concrete core. The core is complex and varies from level
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to level, but can best be described as a coupled core, connected via link beams (shown
in Figures 5.5a and 5.5b). The concrete core is then replaced by an X-braced spire for
the 69th floor and above. The resulting mode shapes calculated by the ELFP model
are shown in Figure 5.6. These mode shapes are not as smooth as those in ETABS due
to the simplifications made about the core to calculate its shear rigidity. However, the
mode shapes are approximately similar, except for perhaps the shear rigidity in the
middle of the building being slightly too high, which accounts for the slightly larger
modal stiffness and lower modal mass for the ELFP model in comparison to the results
from ETABS (listed in Table 5.3). Overall, according to the ELFP model, the tip
deflection for the first mode is 30% due to shear and 70% due to bending and 38% and
62%, respectively for the second mode.

(a) Mode 1

(b) Mode 2

Fig. 5.6 Mode shapes of the Shard calculated in the ELFP model and compared to
those from ETABS

Table 5.3 Modal properties of the Shard
Mode 1

Xie et al. (2008)
ETABS
ELFP

Mode 2

Mass
(kg)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

113,000,000
124,000,000
122,000,000

0.186
0.198
0.231

11,500,000
8,800,000

17,800,000
18,500,000

0.190
0.212
0.253

12,200,000
9,720,000

21,700,000
24,500,000

5.3 The Shard
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Wind Response

Accelerations
The peak accelerations for the Shard are expected to be due to across-wind accelerations.
The Japanese codes predict values of 0.076 and 0.140 m/s2 for a one and ten year
return period, respectively, on the highest occupied residential level at 233.4 m, a hotel
floor. These values are slightly lower than the results from the wind tunnel testing by
RWDI that predicted peak accelerations of 0.111 and 0.170 m/s2 , respectively (Xie
et al. (2008)). The slight difference is most likely due to the wind tunnel report being
based on a version of the building that is 11 million kg lighter than the ETABS model
(see Table 5.3). The difference in weight may be due to a difference in the inclusion
of live load and floor build-up or because the RWDI was commissioned early on in
the design phase, potentially before the deep concrete floors were added to the upper
floors.
The values calculated would meet the ISO 10137 limit for one-year accelerations
and the NBCC 2005 limit for ten-year accelerations.
On the observation decks at 244.3 m high, the peak accelerations could increase to
0.837 and 0.155 m/s2 for a one year and ten-year return period, respectively. However,
as occupants on this level are only visiting for a brief period of time and have the
option of leaving if uncomfortable, this was not seen as the critical scenario.
The along-wind accelerations (according to the Eurocodes) would be significantly
lower at 0.034 m/s2 for a one-year wind and 0.061 m/s2 for a ten-year wind (shown in
Figure 5.7, along with the AIJ, NBCC and AWind calculations).
These results are based on a damping percentage of 1.5% (as used by RWDI) and a
drag coefficient of 1.41, which was selected as halfway between the values the octagonal
and square cross-sections to make an approximation to the unusual shape of the Shard.
The wind speeds and terrain characteristics for London are the same as described
earlier for the Gherkin.
Deflections
The largest deflections are expected to be in the first mode, which has the broadest
face to the wind and a slightly lower modal stiffness. The Eurocodes (via both the
ELFP model and ETABS) and AWind converge on a peak along-wind acceleration
of roughly 220 mm. The AIJ codes predict a pressure of 2,500 Pa, resulting in an
across-wind deflection of 337 mm. The wind tunnel report does not specify a peak
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(b) Ten year

(a) One year

Fig. 5.7 Peak one and ten-year accelerations for the Shard
displacement; however, the highest pressure on any point of the model was recorded
as -2.5 kPa, indicating that the AIJ pressure is realistic. Therefore, based on a peak
deflection of 337 mm, the Shard would have a drift ratio of 902. The across-wind
displacement of 337 mm seems reasonable, given that Ferguson (2012) lists the tip
deflection as being between 300 to 400 mm.
Table 5.4 Tip displacements of the Shard for a 50-year wind
Eurocode Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind
Ferguson (2012)

5.4

X-dir (Mode 2) mm
152
192
192
243

Y-dir (Mode 1) (mm)
202
226
220
337
300-400

The John Hancock Center

A finite element model of the John Hancock Center was assembled using the original
building plans, which Skidmore, Owings and Merrill LLP generously supplied. For
convenience, some simplifications were made, which should not significantly alter the
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structural dynamics of the model versus the original building. Column section sizes
were simplified so that there was one section for internal columns, one for corner
columns, one for columns on the short face and one for the long face for each storey.
Typically each section size would be used for three storeys. Beam sizes were primarily
the same as those listed in the model, although with occasional simplifications (for
example, an average beam size was taken where there were many variations across a
section of a floor plan). Concrete floorplates were simplified as being 5.5 inches deep
(140 mm) for every floor.
Despite simplifications in the ETABS model, the total mass of steel used for the
building is 37,800,000 kg, which equates to 30.6 lbs per square foot (149 kg/m2 ). Khan
(1983) described the building as having 30 lbs per square foot (146 kg/m2 ), which
provides reassurance that the 3D model remains an accurate estimate of the actual
building, at least based on steel usage.

5.4.1

Structural Dynamics

The iconic tubular form of the John Hancock Center achieves its shear rigidity via
the giant cross-braces, which span the full width of each face. Hence, the shear
displacements of the building are calculated using Equation 3.44 for the shear rigidity
of the X-braces. By spanning the full width and depth of the building, the braces help
to engage all the exterior columns to resist bending by reducing the shear lag effect
(see Figures 5.8c and 5.8d). For the ELFP calculation of EI, all interior and exterior
columns are included, as well as the diagonal X-braces, which are scaled by sin3 θ
to account for their reduced contributed when angled. These assumptions predicted
modal stiffnesses of 21,200,000 N/m and 39,700,000 N/m for the first two modes, which
align well with the results from ETABS (see Table 5.5) and also produced very similar
mode shapes (see Figure 5.9). The slightly higher deflections for the top two storeys
are due to the lack of bracing on these levels, so the shear rigidity is solely due to
beams and columns on these levels (see Equations 3.41 3.42 ). The shear rigidity of
storeys 93 to 98 have K-braces rather than a full X-brace, which can be described by
Equation 3.45.
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(a) Mode 1 shape

(b) Mode 2 shape

(c) Mode 1 forces

(d) Mode 2 forces

Fig. 5.8 Axial forces and mode shapes for the first two modes of the John Hancock
Center
Table 5.5 Modal properties of the John Hancock Center
Mode 1

Kijewski-Correa et al. (2013)
ETABS
ELFP

5.4.2

Mode 2

Mass
(kg)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

153,000,000
145,000,000

0.143
0.141
0.148

27,200,000
24,500,000

21,200,000
21,200,000

0.204
0.210
0.199

25,300,000
25,500,000

43,900,000
39,700,000

Wind Response

Accelerations
A report from the Chicago Full-Scale Monitoring Project by Kijewski-Correa et al.
(2013) includes "Building 1" with a "steel tube comprised of exterior columns, spandrel
ties and additional stiffening elements to achieve a near uniform distribution of axial
loads on columns across the flange face, with very little shear lag". This building is
located in Chicago and has natural frequencies recorded as 0.143 Hz and 0.204 Hz
for its first two modes. The paper cannot name the buildings in the study; however,
based on the information provided, it is exceptionally likely that "Building 1" is the
John Hancock Center based on the description above and the frequencies which match
almost perfectly with those calculated in ETABS.
Kijewski-Correa et al. (2013) compares the results of ten years of monitoring data
to the predictions from wind tunnel tests. A chart shows a scatter plot of RMS
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(a) Mode 1

(b) Mode 2

Fig. 5.9 Mode shapes of the John Hancock Center calculated in the ELFP model and
compared to those from ETABS
accelerations against damping (but the wind speed for each point is unknown) for the
second mode of "Building 1". The highest RMS values were 0.060 - 0.061 m/s2 , which
were recorded four times over the ten years, with the percentage of damping varying
between 1.00 to 1.60 % across the four occasions. Assuming a peak factor of 3.80 (as
given by ASCE 7-16), this would correspond to a peak acceleration of 0.232 m/s2 in
the second mode.
Data from an earlier report by Kijewski-Correa et al. (2006), as part of the same
project, provides detailed data for a high wind speed event on 28th April 2004. Figure
13 from Kijewski-Correa et al. (2006) shows the response of a building with a plan which
is of appropriate proportions and aligned in the same orientation as the John Hancock
Center, with peak accelerations of 0.22 m/s2 in the East-West direction (the second
mode) and 0.39 m/s2 in the North-South direction (first mode) from accelerometers
on the 98th floor. Mean hourly speeds of approximately 20 m/s were recorded at a
station situated three miles offshore on Lake Michigan, at a height of 23 m above the
lake. According to the terrain exposure constants in Table 26.11-1 of ASCE 7-16, for
exposure D, this wind speed translates to 18.2 m/s at a height of 10 m, which roughly
equates to a one-year return period wind speed. Hence these points are included in
Figure 5.10a, marked in red, to compare to the values of one-year peak accelerations
calculated by the codes.
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KB =

(a) One year

b(z)ψ(z)V 2 (z)dz
R
B 0h ψ(z)V 2 (z)dz
0

(5.1)

(b) Ten year

Fig. 5.10 Peak one and ten-year accelerations for the John Hancock Center
Analysis for along-wind accelerations according to Equation 3.88 from ASCE 7-16
and including a factor KB (see Equation 5.1, where B is the average building width),
to adjust for the building’s varying width, results in peak accelerations in the first
mode of 0.0695 and 0.130 m/s2 for one and ten-year return periods. These values
decrease to 0.0273 and 0.0512 m/s2 for the second mode. A basic wind speed of 40
m/s was scaled down to 19.4 and 26.5 m/s for a one-year and ten-year wind speed (in
exposure category D at 10 m high) based on the relationship between mean return
interval (MRI) and wind speed given in Table C6-3 of ASCE 7-16.
The largest acceleration values shown in Figure 5.10 are from the AIJ across-wind
calculation (taken at the 98th floor for a like-for-like comparison to the literature).
The AIJ codes are based on a ten-minute average wind speed, whereas ASCE 7-16
provides a mean hourly speed. To accommodate this, the ASCE mean hourly speed
was adjusted by a factor of 1.05 for the AIJ analysis, as recommended by Harper et al.
(2008).
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Using the Japanese code, a peak acceleration of 0.357 m/s2 is predicted for a
one-year period and 1.02 m/s2 for a ten-year period, for a wind blowing on the narrow
face and exciting a first mode across-wind response. These values are much higher than
recommended by the ISO 10137 criterion; nevertheless, the results agree remarkably
well with the accelerations recorded by Kijewski-Correa et al. (2006) from a similar
wind speed, which gives credence to the accuracy of the AIJ codes. An early report by
the Chicago Full-Scale Monitoring Project (2002) with further data from "Building 1"
verifies that the across-wind response will be dominant. An acceleration of 0.357 m/s2
on the 98th floor would equate to 0.318 m/s2 on the 92nd floor which is the highest
residential level.
The code calculations are based on a damping value of 1%, and terrain exposure
category D, based on recommendations by Kijewski-Correa et al. (2006). Despite being
in a large city, the John Hancock Center is located very close to the edge of Lake
Michigan and hence for the most critical scenario (wind coming from the West, which
will excite the first mode in an across-wind response), the wind profile will be that of
a lake. Drag coefficients of 1.61 and 1.35 for the wide and narrow faces, respectively,
were determined using the Eurocodes.
Iyengar (2000) suggests that the peak along-wind accelerations of the John Hancock
Center would be between 0.04 to 0.08 m/s2 , which fits with the one-year along wind
acceleration according to ASCE 7-16 of 0.0695 m/s2 . Iyengar stipulates however that
these predictions did not include across-wind vibrations which could not be determined
accurately at the time of the design as force-balance or aero-elastic wind tunnel studies
had not yet been introduced.
Iyengar also stated in 2000 (before the Chicago Full-Scale Monitoring Project
began) that the building performs well under wind loading and that there had been
no complaints by occupants about motion perception. This report is surprising as
the results show that the John Hancock Center is likely to produce a higher response
than recommend by ISO 10137 and NBCC 2005. However, it is worth bearing in mind
that the building was built in 1970 before any such criteria existed, and Fazlur Khan
instead had to determine his own suitable parameters for the building. Furthermore,
the one-year peak accelerations shown in Figure 5.10a, do not appear to have been
exceeded during the ten years of sampling, given that the largest RMS value, multiplied
by the peak factor, for the second mode of the building (Kijewski-Correa et al. (2013))
agrees well with the value given by Kijewski-Correa et al. (2006). So, it is plausible
that the high responses are infrequent enough (on average once every 2.5 years during
the sampling period) that the occupants are not particularly bothered by them.
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Table 5.6 Tip displacements of the John Hancock Center for a 50-year return period
ASCE Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind

X-dir (Mode 2) mm
229
259
221
497

Y-dir (Mode 1) (mm)
924
881
886
2086

Deflections
The Chicago building codes at the time of construction recommended a peak wind
speed of 65 mph (29 m/s) at ground level, at which the building was expected to
deflect by "12 to 15 inches" (300 to 380 mm) according to Engineering News Record
(1965). Applying a 65 mph wind in ETABS with pressure coefficients of 0.8 on the
windward face and 0.7 on the leeward face resulted in a tip deflection 18.9 inches (481
mm) when applied to the broadest face and 5.52 inches (140 mm) to the narrowest,
which are slightly higher than the calculations from over 50 years ago. A deflection
of 481 mm would give the building a drift ratio of H/714, so based on the codes at
the time (and considering just the along-wind displacement), the building would have
been considered to be stiffer than typically required for a ratio of H/500.
Using the modern-day ASCE 7-16 codes, which recommend a basic wind speed
of 88 mph (39 m/s) for drift calculations for a 50 year return period, the ETABS
tip displacements increase to 259 and 881 mm. ETABS aligns well with the one-line
calculation from the ASCE 7-16 (Equation 3.99), which predicts deflections of 229 and
924 mm when adjusted by KB to account for the effect of tapering.
However, as with the accelerations, the largest displacements are expected to be
due to vortex-induced vibrations. The mean hourly wind speed of 88 mph at 10 m
above ground translates to a 108 mph (49 m/s) wind speed at the top of the John
Hancock Center (for a 10-minute averaging period). Under these hurricane level wind
speeds, the AIJ codes predict that vortex-induced vibrations would result in a pressure
of 11.0 kPa at the building’s tip. When inputted into the ELFP, this pressure would
result in a deflection of 2086 mm, equating to an extremely large deflection ratio of
H/165. As with numerous other across-wind scenarios, the John Hancock would need
to be tested in a modern wind tunnel to determine a sensible across-wind deflection.
Nevertheless, considering that the building has considerable across-wind accelerations
by comparison to along-wind, it does look plausible that the across-wind deflections
could also be very high.
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432 Park Avenue

Using the dimensions and member sizes from the literature (outlined in Section 2.7.4),
and thanks to the regular grid-like layout of the building, it was possible to construct
a simple ETABs model that resembles 432 Park Avenue to an approximate level of
accuracy. In the model, the column and wall sizes change every ten floors and were
sized to vary linearly throughout the building’s height, interpolating between known
values provided by Nasvik (2015). The concrete strength also changes with height,
and the depth of the floors increases from 254 mm to 457 mm for the top ten floors.
The extremely deep floors on the building’s upper floors were included in the design
to add mass, helping reduce the wind-induced vibrations. The model also includes
outrigger walls and beams across two storeys, every fourteen floors. The core has been
simplified to four walls arranged as a square without any openings. Nasvik (2015)
states that 2.5-inch (64 mm) reinforcement bars of Grade 97 steel are used in the
building, and close up pictures from during construction, showed up to 26 bars for
some of the largest columns. Based on this limited information, a reinforcement ratio
of 5% for the beams and columns and 1% for the walls and floors was chosen for the
models. These assumptions give a total mass of 10.2 million kg of steel reinforcement
used throughout the building, which agrees with Nasvik (2015), who states that 10
million kg of rebar was used in the building. The steel reinforcement was accounted
for in the ETABS model by using stiffness and mass modifiers.

5.5.1

Structural Dynamics

The ETABS model described above has a first (and second) mode natural frequency
of 0.918 Hz or a period of just under 10.9 seconds. This period is within the range
of 10 to 14 seconds shown in a chart by WSP et al. (2016) for a presentation about
432 Park Avenue. A video of the tuned mass damper, on the 84th floor of 432 Park
Avenue, by Boake (2015), sways with a period of roughly 11.5 seconds, so the period
from the ETABS model appears to be approximately correct.
432 Park Avenue is often referred to as a "tube in tube" building, which implies that
the internal core behaves similarly to the external basket grid of beams and columns.
However, the two "tubes" have distinctly different roles. According to the equivalent
lateral force procedure (ELFP) in the spreadsheet model, the core accounts for 76%
of the shear rigidity but just 6% of the bending stiffness. The exterior columns do
contribute some shear rigidity, but their primary purpose is to provide 94% of the
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bending stiffness. Together, the two structures limit the deflections due to shear to
just 2%; instead, 98% of the displacements are due to bending deformation (shown in
Figure 5.11b).

(a) Mode 1 in ETABS

(b) Mode 1 shape from both ETABS and the ELFP model

Fig. 5.11 First mode shape for 432 Park Avenue, dominated by bending deflection
The modal masses of the ELFP model agree almost perfectly with the values
determined from ETABS, shown in Table 5.7. The shear rigidity was modelled in the
ELFP spreadsheet using Equation 3.46 for the shear walls of the core and Equations
3.41 and 3.42 for the exterior beams and columns. The calculation of bending stiffness
includes the second moment of the core, but the second moment of the non-corner
columns of the basket grid were reduced by 14% due to shear lag. The shear lag
percentage was determined by checking the axial forces in the columns and comparing
to their theoretical value. It is not surprising that the middle columns experience some
shear lag, as there are no bracing elements to transfer the load; instead, the girder
beams must do this alone.

5.5.2

Wind Response

Accelerations
In a presentation by WSP et al. (2016) with RWDI, who did the wind tunnel analysis,
432 Park Avenue is shown as having an acceleration of 0.18 m/s2 for a ten-year return
period, with a total of 6.0% damping (which includes the tuned mass dampers), and the
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Table 5.7 Modal properties of 432 Park Avenue
Mode 1

Boake (2015)
ETABS
ELFP

Mass
(kg)

Frequency
(Hz)

Modal Mass
(kg)

Modal Stiffness
(N/m)

148,800,000
149,000,000

0.0870
0.0918
0.0901

32,200,000
33,300,000

10,700,000
10,700,000

gaps in the building are said to have reduced the peak accelerations by 50%. The same
chart is shown in a talk by Marcus (2015), along with the NBCC formula for across-wind
accelerations, which may imply that the gaps reduce the peak across-wind accelerations,
calculated using the NBCC formula, by 50%. The gaps in the building, spanning
two storeys every fourteen floors, disrupt and de-correlate the vortices throughout the
building’s height, thereby reducing vortex-induced vibrations. This effect is highly
complex and would require a wind tunnel to verify, but for simplicity for this project,
the across-wind vibrations have been halved (shown in Figure 5.12) to show a very
approximate estimate of what the response of the ETABS model, described above,
would be.

(a) One year

(b) Ten year

Fig. 5.12 Peak one and ten-year accelerations for 432 Park Avenue
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The AIJ codes specify that a building will have an aeroelastic instability (i.e. lock-in
√
√
will occur) when the wind speed is larger than U∗cr n0 BD/1.2 and H/ BD is greater
than 7. Hence, 432 Park Avenue (ignoring the effect of the gaps for now) should
experience lock-in at 35.2 m/s, which is lower than the ten-year wind speed at the
top of the building. However, bizarrely, the AIJ calculation for peak acceleration is
at its largest when ns1 = n0 where ns1 = 0.12VH /(B[1 + 0.38(D/B)2 ]0.89 ) which occurs
when VH is 29.7 m/s, which does not match the aforementioned calculation but is also
considerably lower than the ten-year wind speed of 40.9 m/s and almost exactly the
same as the one-year wind speed of 29.9 m/s. Hence, for this reason, the AIJ one and
ten-year accelerations are virtually the same. Figure 5.12b, shows an AIJ acceleration
of 0.288 m/s2 which was calculated at a speed of 29.7 m/s (including a 50% reduction
as described by WSP et al. (2016)) .If calculated at the ten-year wind speed of 40.9
m/s, the value would reduce to 0.147 m/s2 . Without access to the original AIJ codes,
it is not possible to see why there is a difference in the peak wind speed at which
lock-in occurs and at which the peak acceleration occurs, as these are expected to be
the same. Regardless, these calculations do not accommodate the effect of the gaps
at disturbing the wind (other than by artificially applying a reduction factor of 50%
at the end), and so lock-in is presumably expected to occur at a considerably higher
wind-speed than would occur every ten years; otherwise, the building would not be
safe. Assuming that lock-in effects do not occur within a ten-year period for 432 Park
Avenue (thanks to the vortex disruption provided by the gaps), it is likely that the
AIJ codes are very inaccurate (even with the 50% reduction) as they are calculating
the building’s response during lock-in.
Unlike the AIJ codes, the peak accelerations calculated in the NBCC codes do not
decrease with wind speed (above the lock-in speed), so the peak ten-year acceleration
of 0.225 m/s2 (which include the 50% reduction due to the gaps) was based on a wind
speed of 40.9 m/s. This is the closest code calculation to the value stated by WSP
et al. (2016) and Marcus (2015) of 0.18 m/s2 .
A second chart from the presentation by WSP et al. (2016) showed a range of
accelerations for different natural frequencies of the building, and also across 0.1, 1
and 10 year return periods. The ten-year acceleration (at 0.09 Hz) is listed as just 0.11
m/s2 and the one-year acceleration is not much less at 0.085 m/s2 , but it is not clear
why the ten-year chart does not show 0.18 m/s2 which was shown in a second chart
from the same presentation. However, as it is the only reference point for a one-year
acceleration, 0.09 m/s2 has been included in Figure 5.12a, and although the exact
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conditions of this calculation are not clear, this is, again, close to the NBCC one-year
calculation of 0.0800 m/s2 .
432 Park Avenue is such an unusual structure, and even before the gaps are
considered, it may be that the across-wind calculations from the NBCC and AIJ codes
are not appropriate for a building with a slenderness ratio of 15. Figure 7 from Tamura
et al. (1996) showing gust effect factors (for along wind) shows that buildings up to a
slenderness ratio of 10 were tested in wind tunnels. Although the AIJ results appear
to have been accurate for the John Hancock Center, it seems appropriate to discount
them for 432 Park Avenue, given that they are based on the building experiencing
annual lock-in effects, which the gaps supposedly mitigate. The NBCC codes provide a
closer approximation to the wind tunnel tests by RWDI, and it may be that the "50%
reduction" in across-wind acceleration by WSP et al. (2016) is based on the NBCC
codes, and so the NBCC procedure is used for the timber versions of 432 Park Avenue
in Chapter 6.
Even according to the RWDI wind tunnel tests, 432 Park Avenue looks like it
would exceed the 10-year NBCC human comfort criterion for a residential building.
This response is despite numerous interventions to improve the building’s dynamic
performance, including extra deep floors on the upper levels, two tuned mass dampers,
ultra-high-strength concrete and the pairs of open storeys every fourteen levels to
disrupt the correlation of vortices. By amending the ETABS model to account for
these various changes, Figure 5.13 shows how the building’s response (according to the
NBCC codes) would change.
Point A shows the building without any of the features and built with standard
concrete. Then the additional features are combined sequentially; point B shows the
effect of using high strength concrete; increased stiffness, a higher frequency and lower
accelerations. Then the gaps are added at point C, resulting in lower accelerations.
The extra-deep floors are added at point D, which increases the modal mass slightly,
which should typically reduce the accelerations, but as the change in modal mass is not
much, it does not offset the slight increase in accelerations (according to the NBCC
formula) due to a lower natural frequency. Finally, the tuned mass damper is included
at point E (the final design), taking the damping percentage from 2% to 6%, and in
turn, further reducing the acceleration.
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(a) One year

(b) Ten year

Fig. 5.13 Accelerations for 432 Park Avenue, showing how different design features
change the natural frequency and resulting accelerations
Deflections
432 Park Avenue is predicted to have an along-wind displacement of 1094 mm, according
to ASCE, or an across-wind displacement of 1675 mm, according to the AIJ codes.
The AIJ calculations include a 50% reduction in pressure (due the effect of the gaps),
but as previously discussed, the AIJ codes may not be the best method to determine
the response of 432 Park Avenue.
Based on these displacements, the building would have a drift ratio of 389 for an
along-wind response and 254 for an across wind response, which is significantly more
flexible than the H/500 design criterion. Unfortunately, no value for the expected
deflection of 432 Park Avenue has been found in the literature to verify or dispute these
results. However, a recent article by Chen (2021) for the New York Times highlights
problems with the building, including high winds causing a resident to be stuck in
a broken elevator for over an hour and residents complaining of "creaking, banging
and clicking noises in their apartments" as metal partitions shift with the sway of
the building or as air whistles through doorways and the lift shafts. Although not
quantitative, this information suggests that it is highly likely that the deflections of
432 Park Avenue may be greater than H/500 and, as a result, are causing serviceability
issues for the building.
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Table 5.8 Tip displacements for 432 Park Avenue for a 50-year return period
ASCE Along Wind
ETABS Along Wind
AWind Along Wind
AIJ Across Wind

5.6

Y-dir (Mode 1) (mm)
1217
1007
921
1862

Summary of Design Performance

The design performance of the four skyscrapers, shown in Table 5.9 has been calculated
on the same terms as the timber buildings in Chapter 4. The inclusion of stored carbon
is irrelevant for steel and concrete, and so the total carbon used is simply referred
to as "Embodied Carbon". On the basis of embodied carbon, the Shard is the best
performer at 159 kg of CO2 per m2 of floor space. This value is higher than for all
the timber buildings, although not significantly higher than Haut, which also has a
concrete core, at 127 kg of CO2 per m2 (if carbon storage from Haut’s timber elements
is excluded). Interestingly, the densities of the Gherkin and the Shard (94 and 91
kg/m2 ) are similar to the densities of Mjostarnet and the SaW Tower (92 and 95
kg/m2 ), and roughly half that of Haut (180 kg/m2 ). This result indicates that the
lightweight-ness of timber buildings may not, in fact, make the construction of much
taller timber buildings impossible, provided that they can be as stiff as the Gherkin or
the Shard, and crucially, be located in a low-wind speed environment like London.
Unsurprisingly, the worst-performing structure for carbon emissions is 432 Park
Avenue, which is also the densest, has the highest material cost per m2 , the largest
column footprint and the highest percentage of floor space occupied by structure. These
metrics would not be economically possible in most locations but are a function of
the vast structure required to make a building that is fifteen times taller than its base
remain stable. 432 Park Avenue is a product of the extreme price for plots of land that
neighbour Central Park in New York and the premium afforded to height due to zoning
requirements in the city, which meant that apartments in 432 Park Avenue could be
sold for up to 95 million dollars (Rowlinson (2016)). Hence, material costs of £216 per
square metre are a negligible factor in the design when the average apartment sells at
a price of £59,100 per square metre (Rowlinson (2016)).
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Table 5.9 Summary of the design performance of steel and concrete skyscrapers
Gross Internal Area (GIA)
(m2 )
Volume of Structural Material
(m3 )
Mass of Structural Material
(kg)
Embodied Carbon
(kgCO2 )
Material Costs
(£)
Building Density (Structure Only)
(kg/m3 )
Embodied Carbon
(kgCO2 /m2 )
Material Costs
(£/m2 )
Largest Column Area (Footprint)
(m2 )
Percentage of Floor Space
Occupied by Structure

5.7

The Gherkin The Shard
82,100
128,000

The John Hancock Center
253,000

432 Park Avenue
73,100

12,700

36,700

38,900

51,200

36,300,000

91,900,000

119,600,000

127,500,000

14,900,000

20,300,000

60,700,000

27,300,000

7,690,000

11,700,000

30,600,000

15,800,000

109

288

135

369

181

159

240

373

94

91

121

216

0.203

0.440

1.025

1.818

0.40%

4.21%

0.95%

5.69%

Summary of Structural Performance

A key objective of this chapter is to model the buildings accurately enough such that
their response to wind loading gives a realistic picture of the performance of the actual
buildings. For all four buildings, it has been possible to do this.
Although there was no acceleration data for the Gherkin, the displacements aligned
to within 1 mm of those listed by Munro (2004). The peak across-wind (AIJ) displacement of the Shard fell within the range stated by Ferguson (2012) although the peak
acceleration of 0.0761 m/s2 was 31% lower than predicted in an RWDI wind tunnel
report by Xie et al. (2008). This difference (and a slight deviation in natural frequency)
is likely due to a discrepancy in the total building mass between the RWDI report and
the ETABS model provided by WSP. Both the Shard and the Gherkin comfortably
meet the ISO 10137 and NBCC 2005 human comfort criteria. Both buildings have high
drift and overturning ratios, which would comfortably meet their respective criteria.
The Gherkin has a strength ratio of 1.67, which indicates that strength would have
been the most critical criterion for the building, and hence, the sections would have
been sized to ensure they could support the weight of the structure above rather than
because it was necessary to make the building extremely stiff. Conversely, the Shard
has a much higher strength ratio of 7.41 but is also sufficiently stiff with a drift ratio
of H/900. Instead, it seems that the Shard’s dynamic response was the most critical,
so the building was designed with additional stiffness, and extra mass was also added
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on the upper levels (using extra-deep concrete floors) to bring the accelerations down
to 91% of the value recommended by ISO 10137 or 94% of the NBCC 2005 value.
A paper by Kijewski-Correa et al. (2006) shows in-situ measurements recorded
during a high wind speed event, which is presumed to be from the 98th floor of the
John Hancock Center, roughly corresponded to a one-year return period wind speed
(according to ASCE 7-16). The peak acceleration was recorded as 0.39 m/s2 , which
was 10% higher than predicted by the AIJ codes. The acceleration values calculated
for the John Hancock Center greatly exceed the human comfort criteria. However,
the vibrations do not appear to bother the occupants, according to Iyengar (2000).
Over the ten years that the building was monitored, similar acceleration levels were
experienced on three more occasions but not exceeded, so it may be that these events
are infrequent enough that they are tolerable to the occupants. The drift ratio is very
high for the 88 mph (39 m/s) wind speed specified by ASCE 7-16 but the along-wind
drift ratio (H/714) would have acceptable for the 65 mph (29 m/s) wind speeds that
were specified by the Chicago building codes at the time of construction. So, as was
the case for the Gherkin, the strength criterion looks to have been the determining
criterion for sizing the steel members of John Hancock Center, which has a strength
ratio of 1.72.
The openings in 432 Park Avenue, which are designed to disrupt the formation
of vortices and thereby reduce across-wind vibrations, make the building difficult to
analyse with the building codes. The NBCC codes, multiplied by a factor of 50% to
account for the gaps, gave the closest approximation to the acceleration values given
in a presentation by WSP et al. (2016). When including this reduction in the NBCC
calculation, the resulting accelerations work out as 11% lower than the literature for a
one-year wind and 25% higher for a ten-year wind. The values from the literature are
from slides in a presentation rather than from a detailed wind tunnel report, so the
exact conditions for each value are unknown. Unfortunately, no reference values for
the deflection could be found to compare against the results of the equivalent static
analysis, which predicted that the drift ratio would be more flexible than H/500. In
reality, the building is expected to have been designed to a drift ratio of H/500 or
better, which the simplified code procedure may not be able to replicate accurately.
Nevertheless, controlling the deflections and accelerations have clearly been the most
critical criteria for 432 Park Avenue, as the strength criterion has been comfortably
met with a ratio of 4.87. To increase the tower’s stiffness, ultra-high-strength concrete
(which is also stiffer) was used throughout the building, with the highest strength
grades on the lower half. As well as the gaps in the building, a pair of tuned mass
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dampers and additional mass via deep concrete floors were included on the upper levels
to minimise the 432 Park Avenue’s dynamic response.
To summarise, for both the steel-framed buildings, the Gherkin and the John
Hancock Center, the sections are sized to meet the strength criterion, as they would
already meet the stiffness criterion thanks to the bulk of their structural material being
on their perimeter, far away from the central axis, and diagonal bracings which provide
shear rigidity without the need for internal shear walls. By comparison, the Shard
and 432 Park Avenue, which both have concrete cores, had to be designed to meet
the demands of wind loading, as the concrete structures could comfortably support
the mass of the building, but with more of the structure being internal and close the
central axis, additional measures were required to improve their dynamic performance.
The findings described above are summarised in Table 5.10. The drift ratios of the
John Hancock Center are based on a 65 mph (29 m/s) wind speed (from the codes at
the time) as opposed to the modern-day ASCE 7-16 recommendation of an 88 mph
wind to reflect the specifications that the tower was designed to at the time.
Table 5.10 Summary of the structural performance of steel and concrete skyscrapers
One-Year Acc. / ISO Limit
Ten-Year Acc. / NBCC Limit
Drift Ratio, H/∆ (Along Wind)
Drift Ratio, H/∆ (Across Wind)
Overturning Ratio (Along Wind)
Overturning Ratio (Across Wind)
Strength Ratio
Amplification Factor

The Gherkin
14%
10%
3569
6741
4.6
16.2
1.67
1.00

The Shard
91%
94%
1346
902
9.2
11.9
7.41
1.00

The John Hancock Center
329%
607%
714*
428*
3.5
3.0
1.72
1.01

432 Park Avenue
67%
150%
389
254
2.8
1.8
4.63
1.01

Finally, the dynamic performance of all the case studies from Chapters 4 and 5
are shown in Figure 5.14, firstly when situated in the location that they have been
constructed in (or designed to be constructed in) and then if they were all located in
London (a low wind-speed environment) or Chicago (a high-wind speed environment).
The three charts show a clear distinction between the timber and non-timber
buildings, with all the timber buildings having higher natural frequencies than the
steel and concrete buildings. Although the lightweight-ness of timber will be a factor
in this differentiation, it is also typical for shorter buildings to have higher natural
frequencies. Except for the John Hancock Center and Haut, a second trend is that
the shorter timber buildings typically do not meet the ISO 10137 comfort criterion
(when in their own locations), whereas the much taller concrete and steel skyscrapers
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do. Although we would generally expect shorter buildings to have a much better
dynamic response than taller ones, this is not the case in Figure 5.14a. However, if
all the timber buildings were located in London (Figure 5.14b), their accelerations
would be comfortable, as would all the skyscrapers except the John Hancock Center.
Conversely, all the buildings except the Gherkin and 432 Park Avenue would produce
high responses if located in Chicago (Figure 5.14c). Of course, none of the timber
buildings have been designed to be built in London or Chicago, so this is not an entirely
fair assessment. However, it is clear that simply comparing this set of timber buildings
to the set of non-timber buildings is not sufficient to fully understand how using timber
as a construction material will affect the dynamic response of a tall building to wind
loading.
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Dynamics of Iconic Steel and Concrete Skyscrapers

(a) Own locations

(b) All in London

(c) All in Chicago

Fig. 5.14 A summary of the peak accelerations for all buildings, for different locations

Chapter 6
Next Generation of Tall Timber
Buildings
6.1

Introduction

In Chapter 5, reasonable estimates of the dynamic performance of the Shard, the
Gherkin, the John Hancock Center and 432 Park Avenue were established. The first
half of this chapter examines how their response to wind loading would change if their
concrete floors were replaced with CLT panels. The buildings are assessed at their
current heights and also across a series of shorter heights.
In the second half of the chapter, the designs of the same buildings are analysed
again, but their steel or concrete structures are replaced with a lateral stability system
made from glulam and CLT, or a hybrid structure that retains a concrete core but has
a glulam frame for the remainder of the structure.
The objectives are firstly to understand how the use of timber in different parts
of a structure will affect its dynamic performance and secondly, its economic and
environmental credentials with a view to understanding what typologies are best suited
to the design of tall timber buildings and at what heights such structures may be
viable.

6.2

Replacing concrete floors slabs with CLT

Using CLT panels to replace heavy concrete floors presents an an opportunity to use
timber in tall buildings without the additional complexity of engineering a wooden
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lateral load resisting system. By replacing concrete floors with CLT, a building’s mass
is significantly reduced meaning that less structural material is required to support its
weight.
This concept is explored below by replacing all concrete and deck flooring with
CLT floors that are 250 mm deep (made from CLT 24h) or hybrid floors which have
a 200 mm deep section of CLT topped with a 50 mm layer of concrete screed. The
additional concrete improves acoustic performance, rigidity and adds additional mass.
The same flooring depth has been used on all floors of all the case study buildings to
provide consistency across the designs; however, in reality, the floor depths in a tall
building would vary for different parts of the structure, depending on their span and
their intended use. A total depth of 250 mm was chosen as an approximate average
based on the CLT floors used in the tall timber buildings from Chapter 4.
As well as examining the buildings at their full height (with their existing floors
replaced by CLT), smaller versions of the same structures are also explored to test
out at what heights this concept would be feasible. The buildings have been trimmed
from their base upwards to include versions at approximately 200, 135 and 80 m tall.
The John Hancock Center and 432 Park Avenue have also been considered at 260 m
tall. Trimming from the bottom up seemed the most sensible option for reducing the
heights of the buildings as this will naturally cut off the largest columns and braces at
the base, which would have been required to support the full-sized structure above.
Additionally, as most of the buildings are tapered, it seems appropriate to have smaller
floor plans for shorter buildings. The finite element models could be quickly and easily
modified in this manner by simply editing the number of storeys in ETABS.
The different versions have been analysed with both ETABS and an ELFP model
to determine their ratios of strength, drift and overturning and thereby modify their
designs accordingly with a change in height and floor material. For the new designs,
the columns, walls and braces are scaled by a fixed factor throughout the building to
ensure that neither the drift index nor strength ratio are lower than for the original
design (within a range of a couple of percentage points), depending on which criterion
governs the design. For example, the Gherkin is very stiff, so the columns are sized to
meet the strength criterion, whereas 432 Park Avenue is very strong, so the columns
and walls must be sized to satisfy the stiffness criterion. When checking the stiffness of
each building, a fixed lateral pressure of 1.6 kPa has been used to find a drift ratio. This
lateral pressure is independent of location (unlike the location-specific displacements
found in Chapter 5). Using a fixed value across all buildings is not strictly accurate, as
they would all be subject to different wind pressures based on their shape, location
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and size. However, using a fixed pressure does allow the buildings to be compared on
a like-for-like basis and in fact, the actual value of the set pressure is irrelevant for
the analysis in this section, as it will effectively cancel out when ensuring that one
structure is as stiff as another. The justification for 1.6 kPa being chosen as a suitable
pressure is explained at the start of Section 6.3. In Section 6.3 the pressure value does
hold influence on the designs, as their columns are sized to meet a H/500 drift ratio
for that set pressure.
The beams of the Gherkin and the John Hancock Center have been kept the
same regardless of floor type; however, ideally in a more fully fleshed out design
their sizes should be reduced when supporting the lighter CLT floors. For the Shard
and 432 Park Avenue there are far fewer internal beams, as their floor spans are
typically smaller. In both these structures, the beams contribute significantly to their
building’s shear rigidity, so for this reason, they have been scaled proportionally with
the vertical elements. In both of these cases, the treatment of the beams is a substantial
simplification of the typical design process. However, as 144 different towers have been
analysed in this chapter, a simple treatment of the beams was necessary for the process
to be time efficient. A more detailed design of the beams is not expected to contribute
substantially to the structural dynamicsof the buildings as they typically constitute
only a low proportion of the overall mass and, for the Gherkin and John Hancock
Center, where the beams have not been scaled, their size has minimal effect on the
building’s lateral stability.

6.2.1

The Gherkin

The diagrid structure of the Gherkin results in very low deflections for the amount
of steel used, so strength was the limiting criterion that determined the size of its
diagrid braces and internal columns. If a lateral pressure of 1.6 kPa were applied to
the building, it would be expected to deflect by just 166 mm, giving it a drift ratio of
H/1098. The strength ratio (including a full live load) is 1.67.
The Gherkin has also been re-designed at two lower heights; maintaining the existing
Ribdeck 80 flooring (steel deck with concrete infill) and supporting beams, but scaling
the sizes of the vertical elements such that the strength ratio is the same as the full
height version. At 136 m tall, the columns could be reduced by 7% to match the
strength ratio of 1.67, and at 82 m, the columns could be reduced by 20%, to achieve
the same strength ratio. Both of these shorter structures would have a smaller drift
ratio than the original 182 m tall building.
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Fig. 6.1 ETABS models of the Gherkin, from left to right: 181 m, 136 m and 81 m
If CLT floors were used instead of the concrete decks, the building would be lighter,
and, as the strength criterion is the limiting factor, less structural material would be
required to support the building’s weight. Table 6.1 list the material savings and the
resulting strength and drift ratios for the Gherkin across a range of different heights
and floor types.
The column sizes were scaled from the ELFP models, but unfortunately, at the
shorter heights, the modal properties from the ELFP models deviated from the ETABS
models. The smaller versions were significantly stiffer in ETABS than predicted by
the ELFP; possibly due to the dome of the diagrid providing more shear rigidity than
accounted by Equation 3.44. Hence, the modal properties for the new versions of the
Gherkin were computed in ETABS, and their resulting peak accelerations are shown
in Figure 6.2.
If the Gherkin’s Ribdeck floors were replaced with 200 mm deep CLT floors with a
50 mm layer of concrete screed, then 19% of the steel of the columns could be saved
due to the building’s lighter weight. On average, across the three heights, the natural
frequency increased by 10% and the one-year peak accelerations by 30% due to the
change.
If the deck floors were replaced with 250 mm deep CLT floors, the material saving
from the columns could increase to 32%. It would also be reasonable to expect a
reduction of the steel of the beams to account for the lighter weight floor slabs; however,
for simplicity, this has not been included in the analysis. Replacing the concrete deck
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Table 6.1 The Gherkin with CLT Floors

Concrete
Deck
Floors

Mass (million kg)
Strength Ratio
Drift Ratio
Column Reduction
vs Full Height
CLT +
Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Material Saving
vs Concrete Floors
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Material Saving %
vs Concrete Floors

182m
48.1
1.67
1,098
0%

Height
136m
34.0
1.67
1,655
-7%

82m
15.8
1.67
7,528
-20%

37.8
1.67
919
19.0%

24.5
1.67
1,347
19.4%

11.4
1.69
6,049
18.8%

26.2
1.67
752
32.0%

18.5
1.67
1,113
32.3%

8.6
1.67
4,999
32.5%

flooring with CLT would increase the natural frequency by an average of 18% across
the three heights and increase the maximum acceleration by 63%.
Despite a 63% increase in peak accelerations, the Gherkin would still have a great
dynamic performance with CLT floors, even at full height. Versus the original, 28.0
million kgs of concrete and 1.19 million kg of steel from the deck flooring would be
replaced by 8.62 million kgs of CLT. A further 1.23 million kgs of steel could be saved
from the columns and diagonals due to the reduced dead load. The peak accelerations
would comfortably meet both the office and residential requirements of the ISO 10137
and NBCC 2005 criteria, and along-wind accelerations would be dominant for all but
the full-height version.
The Gherkin is the ideal structure for replacing concrete floors with CLT, not only
because of its excellent dynamic performance but also because its diagrid structure is
inherently stiff so its columns sizes are governed by the strength criterion. So when
the structure’s mass is reduced (due to the lightweight CLT floors), less material is
required to support the self-weight of the building.
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Fig. 6.2 The dynamic performance of the Gherkin in London, with deck or CLT floors
and at full height, 136 m or 82 m tall

6.2.2

The Shard

The Shard has also been scaled down to include a range of lower heights to create
further design options. If trimming from the bottom only, the building would become
extremely slender at some of the lower heights, as the uppermost 60 m of the building
is a steel spire that houses some mechanical areas but is not otherwise occupied. Of
course, an 80 m tall building where the top 60 m is unoccupied would be pointless.
So instead, this 60 m section was removed for all the shortened versions of the Shard,
before more floors from the base were removed. This approach produced more suitably
sized buildings with usable floor plans.
Similarly to the Gherkin, there were difficulties aligning the modal properties across
the Shard’s ELFP and ETABS models when the building was scaled down to smaller
heights. This discrepancy is likely due to an approximate calculation of the shear
rigidity of the core, which was significantly simplified in the ELFP model for the analysis
in Chapter 5. Instead, the ELFP model was used to help find appropriate scaling
values for the columns of the Shard and the modal properties were then computed in
ETABS.
The original building has a strength ratio of 7.41 and a drift ratio of H/653 when
subjected to a 1.6 kPa wind pressure. As the stiffness criterion appears to have been
the limiting factor, the column sizes of the shorter versions have been scaled to keep
a deflection ratio close to H/653 (within a tolerance of 2%). The resulting strength
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Fig. 6.3 ETABS models of the Shard, from left to right: 304 m, 200 m, 134 m and 79
m. The full original model (left) was provided by WSP.
ratios have been checked, and none come close to being the critical criterion (see Table
6.2 for full details). As the Shard is governed by stiffness rather than strength, the
column sizes could not be reduced further when lightweight CLT panels are used to
replace concrete floor slabs. So, naturally the strength ratios increase when CLT floors
are used due to the reduced mass of the building.
There has been a drastic reduction in section sizes at the shorter heights where far
less material is required to meet the stiffness criterion. This meant that the columns
and core walls have been scaled down to much smaller sizes and thicknesses than may
be practical. However, in reality, if the structure were to be reduced so dramatically,
this would be achieved via a combination of smaller sections sizes and less structure,
i.e. fewer walls and columns.
By replacing the concrete floors with CLT, the first mode frequency of the Shard
would increase by 17% at its full height, increasing up to 36% for the 79 m version,
with an average increase across all heights of 26%. Likewise, the peak accelerations
would increase by 19% to 31%, with an average increase of 27%. If CLT floors with a
thin layer of concrete screed were used, the natural frequency and peak accelerations
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Table 6.2 The Shard with CLT Floors

Concrete
Floors

Mass (million kg)
Strength Ratio
Drift Ratio
Column Reduction
vs Full Height
CLT +
Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Material Saving
vs Concrete Floors
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Material Saving %
vs Concrete Floors

304m
123.7
7.41
653
0%

Height
200m 134m
71.6
32.2
4.91
3.40
663
671
-45% -63%

103.8
8.57
644
0%

57.3
5.86
663
0%

23.1
3.96
653
0%

8.4
4.56
648
0%

92.8
9.44
641
0%

49.7
6.60
663
0%

19.8
5.51
655
0%

7.0
4.56
649
0%

79m
14.4
2.73
652
-85.5%

would both increase by an average of 18% across the range of heights. The change
in frequency with CLT floors is much greater than for the Gherkin, as the concrete
slabs of the Shard vary in depth from 150 to 400 mm, whereas the Gherkin already
has comparatively lightweight steel deck flooring filled with concrete.
The dynamic analysis in Figure 6.4a shows that a 200 m tall Shard with CLT
and concrete screed flooring and a 134 m version with fully CLT floors would both
meet the ISO 10137 criterion for a residential building. Across-wind accelerations
dominate for all but the 79 m tall versions. All heights, with any combination of
flooring, would satisfy the ISO criterion for an office building. The peak accelerations of
the full-height tower with CLT floors are just 0.017 m/s2 higher than recommended by
the ISO criterion for a residential building. Such values may be justifiable; however, if
the building was strictly required to meet the ISO criterion, the two remaining options
would be to add damping or add stiffness (assuming that adding mass is off the cards,
given that it has already been removed). To satisfy the criterion, an additional 0.8%
of mechanical damping could be added to the structure (i.e. increase the percentage
of critical damping from 1.5 to 2.3 %), or the stiffness could be increased by 60%. A
range of scenarios that would satisfy the ISO residential criterion are shown separately
in Figure 6.4b.
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(a) Full set of heights and floor types

(b) Specific solutions to meet the ISO residential requirement

Fig. 6.4 Dynamics of the Shard if built across a range of heights, with either concrete
or CLT floors, or a hybrid of both
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A 200 m version with CLT and screed floors could replace 19.2 million kgs of
concrete from the existing floors with 6.32 million kgs of CLT. Likewise, a 134 m
version with CLT floors would replace 11.4 million kgs of concrete with 2.61 million
kgs of CLT. As both designs are limited by the stiffness criterion and not strength, no
structural material could be saved due to the lighter weight of the CLT floors.

6.2.3

The John Hancock Center

At 344 m tall, the original John Hancock Center has been reduced to heights of 261,
196, 135 and 80 m to test the feasibility of the X-braced, tubular structure with CLT
floors. The ELFP model for the John Hancock Center agreed consistently with ETABS
throughout the full range of heights, so it has been used to calculate both the necessary
column sizes and the resulting modal properties for the initial analysis. The strength
and drift ratios are shown in Table 6.3 and the peak wind-induced accelerations, based
on the Chicago wind profile, are shown in Figure 6.6a. Even at the lower heights, no
versions of the John Hancock Center with CLT floors would satisfy the ISO 10137
criterion. As discussed previously in Chapter 5, the wind climate for the building in
Chicago is particularly severe. To make a comparison with the Gherkin and the Shard,
the accelerations of the building are also shown in Figure 6.6b, as if the building were
located in London.
Unlike the Gherkin and the Shard, whose columns are scaled according to the
strength and stiffness criteria, respectively, the John Hancock Center appears to be a
combination of both. It has a strength ratio of 1.70 and a drift index of 503 for a 1.6
kPa wind. So, across the range of heights and floor materials, the column sizes were
adjusted such that every version is at least as stiff and as strong as the original.
When the original building (with concrete floors) was trimmed down to shorter
versions, the strength criterion prevailed as the limiting factor. Apart from the full
height version, the same was true for the set with CLT and screed floors, meaning
that an average of 17.6% of the steel could be saved from the columns and diagonals
compared to the equivalent versions with concrete floors. At 344 m, with CLT and
screed floors, the building’s lighter weight (compared to the versions with fully concrete
floors) meant that the strength criterion was more easily met. Thus, the stiffness
criterion instead became the limiting factor in design and no structural steel could
be saved. When CLT floors were used, the stiffness criterion was again the limiting
factor for both the 344 m and 261 m versions, but strength reverted to the dominant
criterion for the lower heights. For the 196 m to 80 m versions with CLT floors, an
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Fig. 6.5 ETABS models of the John Hancock Center, from left to right: 344 m, 261 m,
196 m, 135 m and 80 m
Table 6.3 The John Hancock Center with CLT Floors

Concrete
Floors

Mass (million kg)
Strength Ratio
Drift Ratio
Column Reduction
vs Full Height
CLT +
Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Material Saving
vs Concrete Floors
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Material Saving %
vs Concrete Floors

344m
153.5
1.70
503
0%

261m
97.9
1.70
659
-12%

Height
196m 135m
66.0
40.7
1.71 1.71
878
1280
-13% -18%

124.4
1.99
503
0%

75.3
1.70
542
17.0%

50.2
1.71
720
17.2%

30.7
1.70
1027
18.3%

15.0
1.71
1018
17.9%

102.4
2.27
503
0%

59.1
1.85
502
22.7%

38.1
1.70
591
31.0%

23.1
1.72
853
30.5%

11.2
1.71
787
31.3%

80m
20.0
1.72
1321
-33%
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(a) Chicago, with modal properties from the ELFP model

(b) London, with modal properties from the ELFP model

(c) Specific solutions for the residential criterion, if in London, with modal properties
from ETABS

Fig. 6.6 Peak accelerations of the John Hancock Center across a range of heights and
with different floors
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average of 31.0% of the steel from the vertical members could be saved. These findings
are listed in full in Table 6.3.
Given that the Japanese codes predict high across-wind accelerations for the fullheight building in Chicago, it is no surprise that making the building lighter with
CLT floors would only increase the accelerations and would not produce any viable
solutions. Although the building has not been designed for the much lower wind speed
environment of London, the resulting accelerations are shown in Figure 6.6b to show
its performance under the same conditions as the Gherkin and the Shard. Despite
being designed for a considerably harsher wind climate, the John Hancock Center is
actually more flexible than both the Gherkin and the Shard for a given wind pressure,
so it is not unreasonable that a structure with that degree of stiffness could be built in
London.
If CLT floors were to replace the concrete floors of the full-height tower, with no
change to the building’s stiffness, the natural frequency and one-year peak acceleration
would both increase by 33%. Replacing 50 mm of the CLT with a layer of concrete
screed would reduce this figure to 17%.
The results in Figure 6.6a and b are based on the modal properties from the ELFP
model (indicated by the cross marks instead of solid squares). Using the ELFP model
substantially speeds up the process of finding workable solutions that can then be
double checked in ETABS. The full-height building with concrete floors (i.e. the
actual John Hancock Center but located in London) would meet the office but not
residential criterion. If the floors were replaced with CLT, the criterion would be
exceeded. An additional 1% damping or a doubling of the columns and diagonals to
produce a building of twice the stiffness would allow the full height version to satisfy
the office criterion. These potential solutions are shown in Figure 6.6c and are based
on the modal properties calculated in ETABS. Doubling the stiffness would require an
additional 25,000 tonnes of structural steel. Given that 1300 tonnes of steel (in a tuned
mass damper) produced an additional 4% damping for 432 Park Avenue, the option of
adding additional stiffness to meet the dynamic criteria would almost certainly be far
less cost-effective than adding additional damping.
Also shown in Figure 6.6c are the measures that would be required to make a 344
m tall John Hancock Center with CLT floors meet the residential criterion; either
quadrupling the size of the columns and diagonals or an additional 3.2% damping.
Again, adding so much extra stiffness would surely be far too uneconomical to consider.
However, the 135 m tall version with CLT floors would satisfy the criterion, as would
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a 196 m version with CLT and screed floors (which is similar to the results from the
Shard). For the 135 m version, 24.3 million kgs of concrete could be replaced by 7.62
million kgs of CLT, and 1.12 million kgs of structural steel would be saved as smaller
columns would be required to support the lighter structure (versus a 134 m tall version
with the original concrete floors). At 196 m, 24.1 million kgs of concrete could be
replaced with 9.41 million kgs of CLT, and 1.52 million kgs of steel could be saved
from the structure.
The points plotted for the workable 196 m and 134 m tall solutions in Figure
6.6c (which take the modal properties from ETABS) show slightly larger accelerations
than predicted by the ELFP model because the ELFP very slightly overestimates the
stiffness at these heights. Nevertheless, the ELFP analysis provides a powerful tool for
quickly finding suitable designs that can then be double checked in a finite element
programme.

6.2.4

432 Park Avenue

Finally, 432 Park Avenue has been analysed as if its floors were replaced with CLT or
CLT and a thin layer of concrete screed. As a concrete building with almost 6% of its
gross internal area occupied by vertical structural elements, it is no surprise that the
strength ratio remains high for all heights and floors, even when the columns and wall
sizes are dramatically reduced for the shorter versions. Instead, the columns, walls
and external beams of the lower heights have been scaled to match the drift ratio of
the original (H/610 for a 1.6 kPa wind). As the building is limited by its stiffness, no
additional structural material could be removed for the lighter-weight versions with
CLT floors. The strength and stiffness ratios are shown in Table 6.4
Figure 6.8 shows the peak accelerations of all versions of 432 Park Avenue for
both a one and ten-year New York wind speed. The solid squares indicate buildings
without additional damping, whereas the unfilled square show the effect of including
the tuned mass dampers that sit in the real tower in New York. The dampers provides
an additional 4.0% of critical damping. The Japanese codes have been excluded from
the analysis to remain consistent with the findings in Chapter 5. Both one and ten-year
charts have been included as the ten-year NBCC criterion is more critical for some
versions of 432 Park Avenue. Perhaps surprisingly, the accelerations of the full-height
version with CLT floors would only be 6% higher than for the same structure with
concrete floors (both excluding damping). However, across all heights, the average
increase in accelerations with CLT floors versus concrete is predicted to be 29%. Marcus
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Fig. 6.7 ETABS models of 432 Park Avenue, from left to right: 426 m, 260 m, 199 m,
137 m and 80 m
(2019) has suggested that CLT floors would not work in such a structure, as the floors
in 432 Park Avenue were critical for creating diaphragm action to connect the core to
the external columns. Analysis in ETABS, with and without rigid diaphragms for the
CLT floors, did not show any difference in the modal properties. Such an effect may
require further analysis to identify, or it may simply be the case that the outriggers
alone are sufficient to effectively transfer the flow of forces from the external basket
grid to the internal core.
The dashed lines with crosses in Figure 6.8 show the accelerations of the 426, 199,
137 and 80 m versions (increasing in frequency) based on modal properties generated
in the ELFP model and excluding any additional mechanical damping. Based on these
indications, ETABS models at 137 m (with all floors) and 80 m with CLT floors were
then used to check their modal properties, and their resulting peak accelerations are
shown as filled square marks in Figure 6.8. The tallest version of 432 Park Avenue
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Table 6.4 432 Park Avenue with CLT Floors

Concrete
Floors

Mass (million kg)
Strength Ratio
Drift Ratio
Column Reduction
vs Full Height
CLT +
Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Material Saving
vs Concrete Floors
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Material Saving %
vs Concrete Floors

426m
148.2
4.63
610
0%

Height
199m 137m
39.7
25.5
4.01
4.29
616
615
-66% -82%

114.3
5.84
610
0%

21.7
6.32
616
0%

11/8
7.38
615
0%

6.2
10.38
617
0%

106.7
6.20
610
0%

18.3
7.11
616
0%

9.6
8.46
615
0%

4.8
12.04
617
0%

80m
15.6
5.38
617
-93.7%

that would meet both residential requirements would be 137 m with either concrete or
CLT and screed floors (replacing 15.9 million kgs of concrete from the original floors
with 2.73 million kgs of CLT). A 137 m version with CLT floors would only slightly
exceed the one and ten-year criteria, although an 80 m version would satisfy them. At
80 m, 12.7 million kgs of concrete in the floors could be replaced with 2.20 million kgs
of CLT.
These results are based on the (possibly very generous) assumption that the acrosswind accelerations, at all heights, are calculated as 50% of the NBCC code, due to the
gaps every fourteen floors, which decorrelate the vortex shedding. There is no data on
how the reduction would vary as the height of the building changes. 432 Park Avenue
has a slenderness ratio of 1:15, and the gaps supposedly reduced the peak accelerations
by 50% (WSP et al. (2016)). However, a building in the study by Tamura et al. (2015)
with a slenderness ratio of 1:8 has a gap reduction of 37%, so it seems reasonable to
assume that the effect of the gaps at minimising peak across wind accelerations will
decrease for the shorter towers. If it is instead assumed that gaps on the 137 and 80
m versions do not provide any reduction in across wind accelerations, then only the
80 m tall versions (with any floors) would satisfy both the ISO and NBCC residential
requirements.
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(a) One Year

(b) Ten Year

Fig. 6.8 Peak accelerations for 432 Park Avenue with a change of floors
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To make a like-for-like comparison with the other buildings, the peak accelerations
when subject to London wind speeds, are calculated using both the Japanese and
Canadian codes for across-wind (and the Eurocodes for along wind) and are shown
in Figure 6.9. The along-wind accelerations are larger than across-wind for the 80
and 137 m versions, even without a reduction factor due to the gaps. Again, a 137
m version with CLT and concrete screed floors would satisfy both residential comfort
criteria. As was the case for New York, a 137 m tall version with CLT floors would
slightly exceed the one-year criterion, but an 80 m version would be acceptable. By
comparison, the tallest version with concrete floors (and without damping or excess
stiffness) that would satisfy the criteria would be 260 m tall. A 37% gap reduction
factor was included for the 261 m version, as it has a similar slenderness ratio to the
towers tested by Tamura et al. (2015).
Finally, to make the full-height version with CLT floors satisfy the residential human
comfort criteria in London would require an extra 4.5% damping (only 0.5% more than
provided by the two tuned mass dampers in the actual structure) or 90% larger beams,
columns and walls. In New York, these values would increase to 14% extra damping or
200% extra structural material. Given that 5.7% of the floor space is already occupied
by structure, columns and walls that are 200% larger would increase this ratio to a
ridiculous 17.1%! Similarly, the two dampers weighing 1300 tonnes already occupy
three floors of the building, so it is unrealistic to expect that 14% damping could be
achieved economically.

6.2.5

Summary

In summary, the Gherkin was comfortably the best performing structure with CLT
floors, easily satisfying the ISO and NBCC human comfort criteria at all heights, despite
the lightweight floors resulting in a 63% increase of the peak one-year accelerations. Its
circular cross-section results in very low along and across-wind responses, meaning that
the dynamics remain comfortable even if the structure is very lightweight. Additionally,
as the diagrid structure is very stiff, the columns were sized to meet the strength
requirements, meaning that 32% of the structural material could be saved by using
lightweight CLT floors instead of concrete decks.
The John Hancock Center was also governed by the strength criterion for all versions
(except at full height and at 261 m with CLT floors), which again meant that the use
of lightweight CLT floors could enable a saving in structural steel. Similarly to the
Gherkin, 33% of structural steel could be saved when concrete floors were replaced by
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(a) One Year

(b) Ten Year

Fig. 6.9 Versions of 432 Park Avenue that would meet the ISO residential requirements,
if located in London
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CLT. Although the dynamic response in Chicago is poor, the John Hancock Center
could satisfy the ISO criterion if located in London; either at 196 m tall with CLT and
screed floors or at 135 m with fully CLT floors. The use of CLT floors is estimated to
cause a 33% increase in the tower’s peak accelerations.
The Shard and 432 Park Avenue, which both have concrete cores, would comfortably
satisfy the strength criterion at all heights, and therefore, section sizes were governed
by the stiffness requirement. When the stiffness criterion is limiting, no structural
material from the elements can be saved as the strength criterion is met regardless of
the weight of the floors. The Shard would satisfy the ISO and NBCC criteria with CLT
and screed floors at 200 m or with CLT floors at 134 m (a very similar result to the
John Hancock Center), with the change to CLT floors resulting in a 27% increase in
the expected peak accelerations. When all buildings were compared using the London
wind speeds, 432 Park Avenue (without its TMDs) was the worst-performing, with
just a 137 m version with CLT and screed floors and an 80 m version with CLT floors
satisfying the human comfort criteria. Similarly to the Shard, the change from concrete
floors to CLT amounts to an increase in the peak accelerations of 29%.
Despite exhibiting the greatest increase in accelerations when switching the floor
material, the Gherkin is still the best performing structure with CLT floors. Thanks
to its circular cross-section and highly rigid diagrid structure, the existing structure is
already so dynamically stable that the building would still perform exceptionally well
even if made considerably lighter.

6.2.6

Material Usage

Table 6.5 summarises some basic design metrics for the buildings above that could
meet the ISO residential criterion (if located in London), alongside their equivalents
with concrete floors, to illustrate the changes in building density, material cost and
carbon usage when switching from concrete to CLT flooring.
For the solutions with CLT floors, the overall density of the structure (which
excludes all live loads and superimposed dead loads, such as permanent services, floor
build-ups, partitions and the mass of the facade) drops by an average of 82% versus
those with concrete floors; for CLT and screed floors, this drop reduces to 55%. These
dramatic reductions are because the mass of the floors makes up the overwhelming
majority of a building’s mass. As the density of CLT is just 17.5% of that of concrete,
replacing the floors, either fully or partially, with CLT will significantly reduce the
building’s mass. Furthermore, reducing floor mass will mean that strength-limited
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Table 6.5 Material usage for existing structures with different floors

Building
Gherkin

Height
182m

John
Hancock
John
Hancock
Shard

196m

200m

Shard

134m

432 Park
Avenue
432 Park
Avenue

137m

135m

80m

Floors
CLT
CLT + Screed
Deck
CLT + Screed
Concrete
CLT
Concrete
CLT + Screed
Concrete
CLT
Concrete
CLT + Screed
Concrete
CLT
Concrete

Building Material
Density
Costs
(kg/m3 ) (£/m2 )
19
226
50
206
110
98
64
222
127
105
23
227
124
89
94
168
160
61
55
174
181
61
50
222
193
90
8
276
203
94

Carbon
(exc. storage)
(kgCO2 /m2 )
145
163
190
197
207
147
171
97
100
74
99
88
143
75
149

Carbon
(inc. storage)
(kgCO2 /m2 )
-26
26
190
59
207
-25
171
-27
100
-74
99
-101
143
-186
149

buildings will require less structural material to support their floors. Material costs go
up by an average of 166% when CLT floors are used or by 136% for CLT and screed
floors. For CLT floors the embodied carbon reduces by 28% if excluding storage or
by 157% if including. For CLT floors with a layer of concrete screed, the embodied
carbon reduces by 15% if excluding storage, and by 114% if including.
CLT flooring would increase the material costs of a project; however, if the material
is recycled at the end of use (and thus the storage potential of the building is captured),
then for the majority of structures listed in Table 6.5, the embodied carbon of the
CLT would offset the embodied carbon of the remaining structure. This trade-off is
likely to become more appealing for developers in the future as they seek to build
less carbon-intensive structures. However, there will be limits to the heights at which
skyscrapers with CLT floors will be dynamically stable. From the results in this chapter,
it looks like structures up to 200 m could work with CLT or CLT and screed floors
(throughout their height) in a low wind speed environment like London. Of course, for
taller buildings which have a potential for issues under wind loading, CLT floors could
still be incorporated on the lower levels whilst using concrete on the upper levels to
maintain a high modal mass. Alternatively, engineers may wish to maximise the use of
CLT floors in tall buildings but compensate with additional damping.
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Existing skyscrapers re-imagined with a timber
or timber-hybrid structure

Although replacing concrete floors may be a much more workable solution for introducing timber into tall buildings, there is still clearly much momentum to create ever taller
buildings with a timber frame. This section looks at how the structural performance of
the Gherkin and the John Hancock Center would change if their steel members were
replaced with glulam and how the Shard and 432 Park Avenue would perform if built
from a glulam frame and CLT core or a glulam frame and concrete core.
To achieve the transition from steel to timber as simply as possible, the steel
sections (typically I beams, H columns or hollow cylindrical or square sections) have
been replaced with a solid square or rectangular section of glulam 24h of the same
overall depth and width as the original sections (or diameter for circular sections). This
method effectively eliminates any effect of different thicknesses of webs, flanges and
hollow sections; however, overall, it provides a simple way of capturing the changing
section sizes throughout a tall building without re-designing each individual element.
As such, these mockup designs should not be considered fully optimised or in any way
perfectly refined. Similarly, the rectangular concrete columns and beams have been
replaced by glulam elements of the same dimensions (prior to any scaling), and CLT
walls have replaced by concrete shear walls of the same size. Just as the effect of steel
web and flange thicknesses are eliminated by this process, so too is the effect of the
reinforcement ratios when replacing concrete sections.
Once the steel and concrete section sizes were converted in ETABS and ELFP
models into filled-out glulam elements, their areas could then be scaled using a Column
Factor, resulting in a change in the global stiffness and strength of the building. The
Column Factor was applied uniformly to all vertical elements to satisfy the following
design conditions; a strength ratio of larger than 1.7 and a suitable stiffness ratio
(explained in more detail below). The overturning moment was also checked, although
the size of the frame was not modified for this, as structures with a low overturning
moment would require additional mass rather than stiffness. For these structures, it
would instead be advisable to add additional mass via the flooring. Almost all buildings
had an overturning moment of much greater than 2.0, so this data is not recorded in
the tables. Instead, those buildings that have an overturning ratio of below or close to
2.0 have been highlighted in the text. As was the case in Section 6.1, the buildings
are shown with three different flooring systems; the concrete or deck flooring of the
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original building, 250 mm deep CLT floors and 200 mm deep CLT floors with a 50
mm layer of concrete screed.
For those buildings that have stiffness as the limiting criterion, they have been
designed such that they are at least as stiff as the original, to be able to make a
comparison against the buildings in Section 6.2 (which have been designed to that
specification). Later, in Section 6.4, the stiffness limited designs are modified such that
they all have the same drift ratio for a given pressure (1.6 kPa was chosen as, among
other reasons, this gives a drift ratio of H/500 for the John Hancock Center).

6.3.1

The Timber Gherkin

Although the structural material has changed, the design conditions remained the
same for the Gherkin. Its tubular diagrid frame, with the bulk of the structure on
the perimeter, remains very stiff, so strength is the limiting criterion, and the Column
Factor (CF) was adjusted to maintain a strength ratio of at least 1.7. The appropriate
CF was found in the ELFP model, and the modal properties were taken from ETABS,
where the CF could be applied in bulk to all the vertical elements without needing to
change their section sizes individually. By meeting the strength criterion, a drift ratio
of H/500 of better, (at a wind pressure of 1.6 kPa) was achieved for all heights and
floor combinations.
Table 6.6 The Gherkin with a glulam frame

Concrete
Deck
Floors

Mass (million kg)
Strength Ratio
Drift Ratio
Column Factor
CLT + Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Column Factor
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Column Factor

182m
43.7
1.72
826
290%
30.6
1.72
692
230%
22.3
1.71
555
190%

Height
136m
32.4
1.72
1,332
260%
22.7
1.71
1,071
205%
16.5
1.70
887
170%

82m
14.3
1.70
4,728
155%
10.0
1.72
3,765
125%
7.3
1.73
3,204
105%

The results in Table 6.6 show that, unsurprisingly, the lighter the floors, the less
structural material is required to support them, and therefore, these lighter structures
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are also more flexible. The same was true of the steel-framed structures with CLT
floors in Section 6.2.1. As such, the footprint of the glulam columns for a full 182 m
tall Gherkin with CLT floors would be just 90% larger than the footprint of the current
columns. For the largest columns (the diagonals at the base), this increase equates to
a square glulam column with a width and depth of 965 mm (replacing a hollow steel
tube of 508 mm diameter and 40 mm thickness). Overall, a 181 m tall steel frame of
17.6 million kgs could be replaced by a glulam frame of 13.6 million kgs (if both were
supporting CLT floors).

Fig. 6.10 One-year peak accelerations for the Gherkin showing a comparison between
the timber-framed and steel-framed versions
A general trend between the versions with a glulam frame (see Table 6.1) and with
a steel frame (see Table 6.6) is that the glulam structures are both slightly lighter and
slightly less stiff. Combined with an increase in the damping percentage from 1.4% for
steel to 2% for timber, these differences in peak accelerations are on average 3% higher
and the natural frequencies 10% lower for the glulam frame versus the steel. As shown
in Figure 6.10, any of the versions with a glulam frame would still comfortably satisfy
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the human comfort criteria, if located in London. Both the steel and timber-framed
versions of the Gherkin had very similar mode shapes (both with an exponent of 1.3),
meaning that they both have a similar ratio of shear to bending displacements.

6.3.2

The Timber John Hancock Center

If the iconic tubular steel frame of the John Hancock Center were to be re-designed
in glulam, the section sizing of the two uppermost heights (344 and 261 m) would be
governed by stiffness, whereas at the lower heights, sections sizes would be determined
by the strength ratio. The exception is the 196 m tall structure with CLT floors, which
would also be governed by the stiffness criterion. To achieve sufficient stiffness from a
344 m tall glulam frame would require a CF of 440%, meaning that columns as large
as 2100 x 2100 mm would need to be manufactured. Such a size would far exceed
anything produced so far for a tall timber building. To build a 196 m tall version,
with CLT floors, would require columns that are 1060 x 1060 mm, which would be
more feasible and are of a similar scale to the columns required for a 182 m tall glulam
Gherkin or those used for Mjøstårnet.
Figure 6.11 shows that the dynamic results of the glulam frame (indicated by
diamond marks and a solid line) follows a similar trend to those of the original steel
frame (a dashed line and hollow square marks) at the higher heights, with the timberframed versions typically exhibiting higher frequencies (+4% on average) and but
lower peak accelerations (-18% on average) due to the damping increasing from 1% to
2% which offsets their lower mass and a difference in the mode shape exponent. As
glulam has a slightly higher stiffness to density ratio than A36 steel (27.4 MPa m3 /kg
versus 25.5 MPa m3 /kg), the timber structures will weigh slightly less for the same
degree of stiffness. At the lower heights, where the strength criterion dominates, the
timber buildings switch to having a lower natural frequency (-11%) and even lower
accelerations (-20%). As glulam is considerably stronger per unit weight (57.1 KPa
m3 /kg) than steel (31.8 KPa m3 /kg), less material (by mass) is required to meet the
strength criterion. With much less material, the timber buildings that are strength
limited are more flexible than their steel-framed equivalents and hence have a lower
frequency (as frequency is proportional to the square root of modal stiffness).
For most heights, the timber-framed versions perform slightly better than their
steel counterparts (shown in Figure 6.11). However, this is particularly true for the 80
m tall timber buildings, which have peak accelerations that are between 34 to 38%
lower than their steel counterparts. This unusual result is due to the behaviour of the
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Table 6.7 The John Hancock Center with a glulam frame
Height
Mass (million kg)
Strength Ratio
Drift Ratio
Column Factor
CLT + Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Column Factor
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Column Factor
Concrete
Floors

344m
133.6
2.34
502
440%
103.6
2.79
502
440%
80.8
3.26
516
440%

261m
89.6
1.83
507
280%
68.1
2.21
508
280%
51.7
2.61
513
280%

Height
196m
62.4
1.71
595
220%
45.6
1.71
526
180%
34.3
1.98
509
175%

135
40.0
1.72
843
180%
29.4
1.70
722
145 %
21.3
1.70
586
120%

80m
19.2
1.72
1100
155%
14.1
1.70
960
125%
10.3
1.71
757
105%

uppermost two storeys, which are unbraced and therefore have a much lower shear
rigidity than the rest of the frame. The shear rigidity of a moment resisting frame
(with no cross bracings) is proportional to the sum of the second moment of area
of the beam and columns, multiplied by their Young’s modulus (see Equations 3.41
and 3.42). By comparison, the shear rigidity of a braced frame is proportional to the
product of the cross-sectional area and Young’s modulus. As the hollow steel sections
were replaced with filled-in rectangular glulam sections before being magnified for the
timber-framed versions, their shear rigidity increases disproportionately to the rest of
the frame; this results in a noticeable difference in the mode shapes of the two frames
(shown in Figure 6.12). As the steel frame has larger displacements on the upper levels
than the glulam frame, the integral across the whole mode shape is lower. Modal mass
is the integral of the mass on each level multiplied by the mode shape squared; hence
the mode shape of the steel frame results in much lower modal masses than for the
glulam frame, which has the more rigid upper levels. Of course, if a version of the
John Hancock Center were designed in steel at a lower height, the columns for the
uppermost floors may be increased or braced to eliminate this effect.
For the steel-framed John Hancock Center (and the many iterations presented in
Section 6.2.3 above), strength was the limiting criterion for all but the 344 m versions,
and the resulting peak accelerations and natural frequencies formed a set of smooth
curves. However, with a glulam frame, the change of dominant criterion from stiffness
to strength and the substantially increased modal masses at the lower heights due
to high shear displacement results in a less smooth shape. Based on these results, it
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Fig. 6.11 One year peak accelerations for the John Hancock Center showing the timber
framed versions with a solid line and the steel framed with a dashed line.
appears that an 80 m timber John Hancock Center (in Chicago) could have acceptable
accelerations with CLT + screed floors if the upper levels were used as an office building.
For both the John Hancock Center and the Gherkin, these results exclude the effects
of any additional flexibility due to connections. This factor is explored later in the
chapter.

6.3.3

The Shard: Timber and Timber-Concrete Hybrid

In its current form, the Shard has a concrete core with both steel and concrete elements
constituting the frame structure. If all beams, columns and braces were replaced with
rectangular glulam 24h elements and all walls replaced by CLT 24h, the required
column and core factors to achieve the same drift ratio as the original are shown on
the left-hand side of Table 6.8. Stiffness is the dominant criterion for all heights and
floor types, with the strength and overturning ratios being met comfortably once the
columns and walls have been scaled to achieve a drift ratio of H/650 or less for a wind
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Fig. 6.12 A comparison between the mode shapes of an 80 m version John Hancock
Center, with a timber or steel frame.
pressure of 1.6 kPa. To achieve this stiffness at full height, and with CLT floors, would
require a staggering 460% increase in the column and wall sizes (when all scaled by the
same factor), meaning that columns at the base would need to be as large as 1900 mm
x 1720 mm and walls would be almost 4.4 m thick in places! Of course, in reality, CLT
walls of this scale would be ridiculous, and instead, a much broader and deeper core
with more walls would be more appropriate. In a more refined design some columns
and walls may be scaled more than others to achieve the desired stability.
If, instead, the concrete walls of the original structure were retained, using the
same magnification factors as in Section 6.2.2, there would be very little difference
in mass between a hybrid structure with a timber frame and concrete core or one
with a vast CLT core (see the right-hand side of Table 6.8). As for the fully-timber
structure, the strength and overturning ratios of the timber-concrete hybrid would be
met comfortably once the columns have been scaled to have the same drift index as
the original. However, at full height and with CLT floors, columns as large as 1750 x
1930 mm would still be required. The largest section sizes of the 200 m tall version
would be slightly more realistic at 1260 x 1260 mm.
When scaling the columns and walls for both the fully-timber and hybrid versions,
larger section sizes were required for versions with CLT floors versus those with concrete
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Table 6.8 The Shard, with either a fully timber frame or a hybrid version retaining the
concrete core

Mass (million kg)
Strength Ratio
Drift Ratio
Column Factor
Core Factor
CLT + Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Column Factor
Core Factor
Mass (million kg)
CLT
Floors
Strength Ratio
Drift Ratio
Column Factor
Core Factor

Concrete
Floors

Fully Timber Frame
304m 200m 134m 79m
31.8 13.4
120.1 72.8
7.65 6.54
10.9
13.3
668 654
660
651
525% 330% 130% 70%
525% 330% 130% 70%
22.8
8.8
102.0 58.4
13.0
11.5 9.74
15.7
669
662 662
654
550% 340% 135% 70%
550% 350% 135% 70%
50.7
19.8
7.4
91.6
14.0 11.4
14.6
17.4
662
664 658
659
560% 330% 145% 70%
560% 330% 145% 70%

Hybrid with Concrete Core
304m 200m 134m 79m
32.0
13.2
123.0 70.3
4.31
6.17
3.29
3.98
654
658
657
655
25%
560% 190% 60%
27% 14.5%
100% 55%
23.0
8.6
103.2 56.3
3.93
5.70
8.12
4.65
661
659
651
652
30%
570% 210% 65%
27% 14.5%
100% 55%
48.7
19.6
7.2
92.3
6.32
8.97
4.40
5.20
653
659
654
653
35%
580% 220% 70%
27% 14.5%
100% 55%

floors to achieve the same amount of stiffness. A similar effect was seen with the
original structure, whereby the versions with CLT floors were slightly less stiff than
those using concrete. This difference is most likely attributable to reduced diaphragm
action when the concrete floors are replaced by CLT.
Figure 6.13 shows the resulting accelerations of all 36 different versions of the Shard;
these are a combination of four different heights, three types of floor and three different
structures, but all with roughly the same drift index; H/650 for a 1.6 kPa wind pressure.
As glulam has a similar stiffness to weight ratio as steel and CLT has a similar stiffness
to weight ratio as concrete, the different frames of the same height all end up weighing
a roughly similar amount.
As the different frames have similar masses and have been designed to have the
same stiffness, they would perform very similarly dynamically if not for deviations in
their mode shape and a change in damping percentage. On average the fully timber
versions of the Shard have a natural frequency that is just 1% higher than the concrete
and steel versions, and the natural frequencies of the hybrid versions are 1% lower.
The accelerations of the fully-timber structures (shown by continuous lines in Figure
6.13) range from as much as 13% higher (at 304 m) down to just 13% lower (at 79
m) than their concrete and steel equivalents (an average of +2%). By comparison
the hybrid versions have peak accelerations that are on average 7% lower than those
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with the original frame. If not for the larger damping value for timber buildings, the
accelerations would all be larger for the timber buildings due to their mode shapes.
The fully-timber frame has the highest proportion of shear deformations with a shape
factor exponent of just 1.10; the concrete core of the hybrid version helps reduce the
shear deformations, resulting in an exponent of 1.40, whereas the original structure
is the most bending dominated with an exponent of 1.65. Although the structures
with more shear deformations have a higher modal mass (as a percentage of the total
mass), the benefit of this is outweighed by higher accelerations, according to both the
Japanese and Eurocode calculations.

Fig. 6.13 The dynamics of different versions of the Shard, with the original, fully-timber
or a hybrid frame
A fully-timber, full-height version of the Shard in London with CLT floors, could
(in theory) pass the ISO 10137 human comfort criterion if the uppermost floors were
used for office space rather than residential. In practice, such a structure would most
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likely be impossible to build due to the large section sizes required and potential issues
with the poor diaphragm action of CLT floors, that would need to be explored in much
greater detail. More feasible options would be the full-height or 200 m hybrid versions
with CLT floors and concrete screed floors. These designs look like candidates that
could satisfy the residential comfort criterion without requiring a ludicrously large CLT
core.
Although the 79 m fully-timber versions of the Shard also appear to be viable
candidates in terms of their frequencies and one-year peak accelerations, these designs
would require a much more considered design as their first mode responses are torsional.
The low frequency torsional mode appears to be due to the CLT core, as this is not an
issue for the hybrid version that has a concrete core. Torsional modes are not typically
the first mode, and this scenario would normally be avoided if possible; for example,
an early design of Haut (which also had CLT shear walls) had a torsional first mode.
The engineers instead opted for a scheme with a concrete core where the first mode
was translational. Figure 6.13 shows the response of the lowest translational mode as
this is what the Japanese and Eurocode calculations are based on. The peak rotational
accelerations have not been calculated but would be vital for further consideration of
the 79 m fully-timber versions of the Shard.

6.3.4

432 Park Avenue: Timber and Timber-Concrete Hybrid

Finally, the highly slender 432 Park Avenue tower in New York is re-designed using
glulam elements and CLT walls to replace its original concrete frame. Similarly to the
Shard, which also has a concrete core, the stiffness criterion would govern the section
sizes for all versions of a timber 432 Park Avenue except for an 80 m version with
concrete floors, which would be governed by the strength ratio. To match the stiffness
of the original structure would require a drift index of less than H/610 for a 1.6 kPa
wind pressure.
The structure of 432 Park Avenue, is already imposing, with columns as large as
1630 x 1120 mm at the base and walls as thick as 760 mm, resulting in 5.7% of the floor
space being occupied by structure. Unsurprisingly, to achieve the same stiffness with
glulam and CLT as with reinforced concrete would require a vast amount of material;
six times as much as the original, meaning that the columns and walls would take up
34% of the floor space and glulam columns that are 3.30 x 3.30 metres in cross-section
would need to be manufactured. Of course, such a structure, with so much of the
floor space occupied by material, would never be worth constructing. The occupied
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floor space could be reduced to 7.0% at 199 m tall, or just 3.7% at 134 m tall, which
would be much more appealing to developers. However, these two versions (with CLT
floors) may have issues with overturning, with ratios of 2.09 and 2.30, respectively.
This problem could be remedied by using CLT floors with a 50 mm layer of concrete
screed, which would increase the overturning safety factors to 2.60 and 3.04 for a 200
m or 134 m tower, respectively.
Table 6.9 432 Park Avenue, with either a fully timber frame or a hybrid which retains
the concrete core

Concrete
Floors

Mass (million kg)
Strength Ratio
Drift Ratio
Column Factor
Core Factor
CLT + Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Column Factor
Core Factor
CLT
Mass (million kg)
Floors
Strength Ratio
Drift Ratio
Column Factor
Core Factor

Fully Timber Frame
426m 199m 137m 80m
135.7 36.7
24.4
15.1
5.80
3.52
2.31 1.70
610
615
613
765
575% 150% 92%
44%
575% 150% 92%
44%
103.5
20
11.8
6.4
7.49
5.96
4.55
3.24
610
612
611
613
580% 158% 96%
51%
580% 158% 96%
51%
98.9
17.4
9.7
5.1
8.04
7.28
5.99
4.62
613
611
611
613
600% 175% 105% 58%
600% 175% 105% 58%

Hybrid with Concrete
426m 199m 137m
129.0 36.3
24.1
5.38
2.50 1.70
610
614
697
500% 115% 70%
100% 34%
18%
97.1
19.5
11.5
6.93
4.27
3.13
615
611
616
510% 125% 80%
100% 34%
18%
90.8
16.6
9.3
7.41
5.15
3.96
612
623
617
520% 140% 86%
100% 34%
18%

Core
80m
15.4
1.71
1590
75%
6.3%
6.5
1.70
684
39%
6.3%
4.9
2.19
615
46%
6.3%

If the original concrete core were retained (keeping the scaling factors from Section
6.2.3 for the lower heights), then the more compact concrete core would help reduce
the percentage of occupied floor space down to 3.8% and 2.0% (for a 199 m and 134
m version respectively), and the largest columns required for the 199 m tall version
would be just 1120 x 670 mm. With a smaller concrete core, strength becomes the
dominant criterion for the 137 and 80 m versions with concrete floors and the 80m
version with CLT + concrete screed floors.
For both the fully-timber and hybrid versions, the replacement of concrete floors
with CLT appears to have reduced the overall stiffness of the building, with more
material being required to reach the same drift ratio. This effect is likely due to the
CLT floors providing less diaphragm action and not transferring loads from the exterior
columns to the core as effectively as concrete floors.
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Fig. 6.14 One year peak accelerations for the numerous versions of 432 Park Avenue
with the original, fully-timber and a hybrid frame
Figure 6.14 shows the natural frequencies and peak accelerations of the numerous
designs due to wind excitation for a one-year wind speed in New York. With little
difference in the mode shape exponent (1.4 for timber and 1.65 for both the hybrid
and original structure), the performance is very similar regardless of the structural
material used, thanks to their being no difference in damping percentage (2% was also
used for the concrete version), global stiffnesses being fixed, and the masses remaining
largely similar despite the different materials.
At the lower heights, the structures with fully timber frames (including CLT cores)
have a higher modal mass percentage than those with concrete cores (but have glulam
beams and columns) due to a higher proportion of shear deformations contributing
to the mode shapes. The higher modal masses result in lower accelerations for the
fully-timber structures, as the peak accelerations are due to along-wind (rather than
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Fig. 6.15 Ten-year peak accelerations for the concrete, timber and hybrid of versions of
432 Park Avenue
across-wind) excitation, where the difference in mode shape exponent contributes less
to the peak acceleration. The other significant deviation in dynamic performance with
frame type is the 80 m hybrid with concrete floors, which is considerably stiffer than
the fully-timber or fully concrete versions, as its section sizes were limited by strength
rather than by stiffness. The peak accelerations for the same buildings for a ten-year
wind are also shown in Figure 6.15 as the NBCC human comfort criterion has also
proven problematic for 432 Park Avenue.
Although the 137 m tall, fully timber versions, with CLT or CLT and screed floors,
would meet the one-year residential criterion, they would narrowly fail the ten-year
criterion. However, a 137 m hybrid structure with CLT + concrete screed floors would
satisfy both.

6.3 Existing skyscrapers re-imagined with a timber or timber-hybrid structure

223

Across all the heights and floors, the fully timber versions had natural frequencies
that were on average 2% lower than the concrete versions, and peak accelerations that
were 3% higher. Averaged across all hybrid versions, the natural frequencies were 2%
higher, and the peak accelerations 4% larger than their fully-concrete counterparts
(this excludes the anomalous 80 m version with concrete floors).

6.3.5

Summary

The objective of this section was to identify how the dynamic performance of concrete
or steel skyscrapers would change if their lateral stability systems were instead built
from timber or, in the case of the Shard and 432 Park Avenue, a timber-concrete hybrid.

When the versions of the Gherkin and John Hancock Center that are limited by
their strength ratio are converted from steel to glulam frames, their natural frequencies
reduced by averages of 10% and 11% respectively. As the specific strength of mild steel
is 56% that of glulam 24h, the mass of the glulam frame will be 44% lighter than the
steel frame for the same strength ratio. The specific stiffness of glulam is 7% higher
than that of steel, so overall the timber-framed version will be 56% × 107% = 60% as
stiff as the steel-framed version of the same strength. Although the glulam frame is
44% lighter, there are also masses from the floors, facade and live loads that remain
unchanged, so overall the full-height timber Gherkin is 27% lighter than its steel framed
equivalent. From Equation 3.7, the natural frequency is proportional to the square
root of stiffness
divided by mass, hence the proportional change in frequency can be
q
simplified to 60%/73% = 90%, i.e. a 10% reduction.
The peak accelerations of the strength-limited version of the Gherkin and the John
Hancock Center changed by averages of 3% and -20% respectively. These increases
are less simple to predict, and are best computed in the codes. They largely reflect a
difference in damping; the Gherkin’s damping increased by 0.6% (from 1.4 to 2.0%) in
timber and the John Hancock’s by 1% (from 1% to 2%).
Although the Eurocode equation (3.75) for along-wind accelerations is proportional
−1/4
−1/4
to m∗ k∗ , the change in acceleration will also depend on the how the value of
the aerodynamic admittance function changes with frequency, which is a function of
the building’s dimensions and the wind speed. Likewise, the Japanese building code’s
across-wind acceleration predictions (Equation 3.103) are inversely proportional to
the building’s mass, but the change in accelerations will also depend on the power
spectral density function and how close the natural frequency is to the vortex shedding
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frequency (which is also a function of the building’s dimensions, shape and the wind
speed). Furthermore, the change in structural material may affect the mode shape,
which will have an additional impact on the peak accelerations computed by the codes.

For the buildings that were limited by stiffness, the change in frequency was typically
much smaller; on average the frequency of the taller (strength-limited) versions of the
John Hancock Center increased by 4%, 432 Park Avenue by -2% in timber and +2%
as a hybrid, the Shard in timber decreased by 1% and as a hybrid increased by 1%.
Tables 6.7 to 6.9 show that the timber or hybrid versions of stiffness-limited structures
will have similar masses to the steel or concrete structures from Tables 6.2 to 6.8 (when
comparing with the same floor types). This surprising result is because the specific
stiffness of glulam is only slightly higher than that of steel and the specific stiffness
of glulam or CLT are similar to that of high grade or low grade concrete respectively.
Buildings of the same size, shape, stiffness and of closely the same mass would generally
be expected to produce the same dynamic response. However, for the John Hancock
Center, the Shard and 432 Park Avenue, the mode shapes all became more linear when
timber frames were used, meaning that shear deformations contributed to an increased
proportion of the deformations compared to their original structures. If the change in
damping was ignored, this effect would have contributed significantly to the increase
in accelerations for the timber Shard (+16%) and the shorter, stiffness-limited versions
of the John Hancock Center (+16%). The hybrid Shard (+7%), the timber 432 Park
Avenue (+6%) and its hybrid versions (+5%) showed less drastic increases. However,
in most case, the increased damping for a timber building offset this effect. The overall
changes in accelerations were -18% for the John Hancock Center, +2% for the timber
Shard and -7% for its hybrid versions, and +3% for the timber 432 Park Avenue and
+4% for its hybrids.

6.4

What are the best skyscraper typologies for tall
timber buildings?

6.4.1

Comparing timber buildings of equal stiffness

Section 6.3 examined the four buildings in detail and scaled their structures such that
they meet the same strength or stiffness ratios (whichever was limiting) when built
from timber as from steel or concrete, to understand how a change in the structural
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material affects their dynamic performance. However, to answer the question of which
structural typologies are best suited for the use of timber in tall buildings, it is best to
ensure that the different typologies are compared on a like-for-like basis and have been
designed to the meet same stiffness and strength ratios as each other.
In this section, the same criteria are applied to all four designs; a strength ratio of
at least 1.7 and a drift ratio of less than H/500 under the same wind loading and the
fully-timber and hybrid-timber buildings are all assumed to have a damping ratio of
2% of critical. Applying the same wind pressure is a considerable simplification as the
wind actions will vary with location and with the shape and height of the buildings.
However, this method will allow the different typologies to be compared on a more even
footing by ensuring that those that are limited by stiffness are equally as stiff as each
other. Furthermore, across the four buildings, there is a wide range in their stiffness
regardless of the loads applied; the Gherkin is the stiffest, despite being subject to
the lowest wind pressure in London, meanwhile the John Hancock Center is the most
flexible, despite having the highest wind loading in Chicago. A set wind pressure of 1.6
kPa has been chosen as this would give the John Hancock Center a drift ratio of close
to H/500. As this skyscraper has reportedly performed well for over 50 years in a high
wind speed environment, this level of stiffness seems an appropriate benchmark to set
for the timber designs. A pressure of 1.6 kPa falls within the upper range of along-wind
pressures examined across all locations and buildings in this thesis. Finally, setting
a drift ratio for a fixed wind pressure means that the towers are not designed to a
specific location, and so their dynamic response can be compared across multiple wind
climates without undergoing a lengthy re-design process for each location. Again, this
is not as refined a process as would take place if designing a tall building for a specific
location, but should provide a reasonable estimation of how timber buildings might
perform in different locations, and more importantly, enables a like-for-like assessment
of how different typologies perform relative to one another
The criteria above already align with the performances of the Gherkin and the John
Hancock Center from Sections 6.3.1 and 6.3.2, respectively. The timber and hybrid
versions of the Shard and 432 Park Avenue from Sections 6.3.3 and 6.3.4 meet the
strength criterion but have drift ratios of less than H/600. To make a fair comparison
between all designs, the member sizes of the Shard and 432 Park Avenue have been
scaled down such that they have a H/500 stiffness ratio. The details of the resulting
structures are shown in Table 6.10 for the Shard and and Table 6.11 for 432 Park
Avenue.
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Table 6.10 The Shard, fully timber and hybrid versions, with a drift ratio of roughly
H/500 for a 1.6 kPa wind

CLT + Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Column Factor
Core Factor

Fully Timber
200m 134m 79m
51.3
21.5
8.3
9.49
8.57 7.43
505
500 502
215% 96% 52%
215% 96% 52%

200m
52.3
3.58
500
100%
45%

Hybrid
134m
21.6
5.77
503
75%
18%

79m
8.3
8.19
501
37%
8%

Table 6.11 432 Park Avenue, fully timber and hybrid versions, with a drift ratio of
roughly H/500 for a 1.6 kPa wind
Height
CLT + Mass (million kg)
Concrete
Strength Ratio
Floors
Drift Ratio
Column Factor
Core Factor

Fully Timber
199m 137m 80m
18.8
11.4
6.3
5.18
4.21 2.96
504
503 506
130% 80% 39%
130% 80% 39%

199m
19.0
4.00
499
110%
34%

Hybrid
137m
11.1
2.74
511
60%
18%

80m
6.2
1.70
653
37%
6.3%

As CLT floors with a thin layer of concrete screed are typically used in most tall
timber projects, only these versions are shown in the comparison charts below (to avoid
the overcrowding of Figures 6.16 to 6.18). Although a full-height version of the Shard
with CLT and concrete screed floors (and a drift ratio of H/500 for 1.6 kPa) would
satisfy the ISO 10137 human comfort criterion for an office building in London, no
other designs over 200 m would meet the criterion in any of the cities featured in this
thesis. So to further simplify the charts in this section, only the designs up to 200 m
have been included.
Figure 6.16 shows the peak expected response of all the fully-timber and timberconcrete hybrid buildings (with CLT and concrete screed floors) to a one-year London
wind speed. The fully-timber buildings are marked with diamonds and a continuous
line, whereas crosses and dotted lines mark the hybrid structures. The responses of
the timber buildings from Chapter 4 are also plotted (again as if they were located in
London).
In London, which has a relatively calm wind climate, a full-height, fully-timber
version of the Gherkin or a 196 m John Hancock Center would comfortably meet
both the office or residential criteria. The 200 m tall versions of 432 Park Avenue
and the Shard would meet the requirements for office use but not residential. By
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Fig. 6.16 The dynamic performance of all fully-timber and timber-hybrid buildings (up
to 200 m) if located in London.
roughly interpolating between the trend lines, 432 Park Avenue would likely satisfy
the residential requirements at a height of about 130 m, as would the 134m version of
the Shard.
The Gherkin is again the standout structure with significantly lower accelerations
than all the other structures; this is primarily due to its shape, which gives it a low drag
coefficient for along-wind vibrations (0.57) and a low fluctuating overturning moment
coefficient for across-wind vibrations (0.06). By comparison, the John Hancock Center,
which also utilises a braced steel structure on its outer perimeter but is rectangular in
plan, has a much higher response due to a drag coefficient of 1.61 and a fluctuating
overturning moment coefficient of 0.20. Furthermore, the Gherkin is the only structure
that is limited by the strength criterion across all heights, meaning that it has a slightly
lower drift ratio than the Shard or 432 Park Avenue, at H/692 for the 182 m tall
version.
Even without the advantages of an aerodynamic cross-section, the performance of
the 196 m John Hancock Center shows the benefits of using a tubular form, producing
lower accelerations than the 200 m Shard and 199 m 432 Park Avenue, which all
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have drift ratios of approximately H/500. As the strength criterion governs the John
Hancock Center’s design for the 135 and 80 m versions, its drift ratios improve to
H/722 and H/960, respectively, and the accelerations drop significantly, drastically
outperforming the Shard and 432 Park Avenue at the same heights. By comparison,
the Shard and 432 Park Avenue have stiffness ratios that remain fixed at H/500 and
meet the strength criterion comfortably. The 80 m version of the John Hancock Center
would perform better than any of the tall timber buildings from Chapter 4, including
Haut, which has a concrete core.
The structures with CLT cores have the highest accelerations, with the Shard
performing slightly better than 432 Park Avenue. Their hybrid versions have on
average 6% lower accelerations than their fully-timber counterparts.
Although there is only a very limited pool of structures that have been investigated,
there is a clear differentiation between performance and structural typology. The
structures with internal cores and less exterior structure produce higher responses than
braced tubular structures, which have the bulk of their structure on the exterior. The
strong performance of strength-limited designs like the John Hancock Center and the
Gherkin show a clear opportunity for inherently stiffer designs to be viable candidates
for tall timber buildings.
Some early designs of the tall timber buildings in Chapter 4 had difficulty with
their dynamic response, and the standard solutions so far have been to add concrete
floors (Mjøstårnet) or a concrete core (Haut). Such interventions are convenient as
they require minimal changes to the overall architecture; however, the results shown
in Figure 6.16 highlight the benefits of a design that is well suited to timber from
conception. Braced tubular designs with as high a proportion of their material on the
exterior as possible, resulting in high drift indexes, perform best. Furthermore, smooth
corners and circular or elliptical shapes will dramatically reduce accelerations versus
more rectangular shapes, enough to overcome the disadvantage due to lightweight
floors. These are both design decisions that would need to be taken early by architects
and engineers.
Whereas London is a relatively calm wind climate, Figure 6.17a shows the difficulty
of meeting the human comfort criteria in a more challenging location like the lake-side
spot of Brumunddal in Norway, where Mjøstårnet is situated. With 2% damping
(which has been used throughout for timber buildings) all but the timber Gherkin
designs or the 80 m timber John Hancock Center would fail to meet the ISO residential
criterion here. Hence, any tall timber proposal should consider location carefully. The
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(a) 2% damping

(b) 5% damping

Fig. 6.17 The dynamic performance of all fully-timber and timber-hybrid buildings (up
to 200 m) if located in Brumunddal, Norway, with either 2% or 5% total damping
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dynamic disadvantages of using a timber frame or CLT flooring, which may prove
impossible in some locations (without significant amendments to the design), may still
be viable at other less windy sites.
Where high accelerations due to wind loading are a problem, a common solution
is to add a tuned mass damper, or other forms of additional damping, to a building.
Figure 6.17b shows how the performance of the timber buildings would improve with
an additional 3% extra damping. The 135 m John Hancock Center would now meet
the residential criterion, as well as all 80 m versions of the Shard and 432 Park Avenue.
Section 2.5 includes a summary of some of the studies which have measuried the
damping ratios of timber buildings. The results estimate the damping ratios as ranging
from low as 0.5% up to 6.4% of critical. Although a value of 2% has been used for the
analysis in this thesis, further analysis of tall timber buildings may show this number to
be conservative. Nevertheless, the comparison between Figures 6.17a and 6.17b shows
that a large difference in the damping percentage would be required to significantly
change the viability of designs that are not well suited for tall timber.

6.4.2

Added flexibility to account for connection slippages

The effect of timber connection stiffness has largely been ignored in the analysis so far.
Designing individual connections and determining their flexibility, and any expected
slippages for such a vast number of designs is beyond this project’s scope. Nevertheless,
it is relatively simple to factor into the structural dynamicshow additional flexibility
should affect a building’s response.
Figure 6.18 shows the peak accelerations for the Gherkin, the Shard, the John
Hancock Center and 432 Park Avenue if half of their total displacements were due
to connection flexibility and slippages. These values were calculated by generating
new mode shapes ψinew for each building, taking 50% of the shape factor ψiorig at
each level (from ETABS) and adding to it a linear mode shape (assuming that the
connection displacements follow a shear mode shape) to make up the remaining 50%.
This produces a new mode shape that represents a version of the building where half
of the tip displacements are due to connection flexibility.
Taking Equation 3.27 from the equivalent lateral force procedure, the average force
applied at each level, Fi for a unit displacement at the tip is found by dividing the
∗
modal stiffness korig
by the sum of the shape factors at each storey ψiorig (shown in
Equation 6.1). As the new structure (with flexible connections) would require half
the force of the original for the same displacement, the average force Fi is halved
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and multiplied by the sum of the shape factors from the new mode shape ψinew , to
∗
determine the new modal stiffness knew
of the structure where connections account for
50% of its displacements (see Equation 6.2).

∗
korig
Fi = Ps
i=0 ψiorig

∗
knew

= 50%Fi

s
X

ψinew

(6.1)

(6.2)

i=0

Similarly, Equation 3.28 can be rearranged to find the average mass on each storey
miavg , shown in Equation 6.3. Equation 3.28 can then be rewritten as Equation 6.4 to
∗
find an approximation for the new modal mass mnew
by multiplying the average mass
miavg by the sum of the new mode shape ψinew (which includes 50% shear displacement
for connection flexibility).

Ps

miavg =

2
i=0 ψiorig
m∗orig

m∗new = miavg

s
X

ψi2new

(6.3)

(6.4)

i=0

Finally, the new mode shapes are incorporated into the Eurocode and Japanese
analysis, via a modified mode shape exponent, to find the peak along and across-wind
accelerations. A 50% increase in flexibility would be an extreme case but is intended
as an upper limit to test the effect on each design. Across the range of heights, the
50% increase in flexibility resulted in a 42% increase in peak accelerations for the
Shard, 47% for the Gherkin, 41% for the John Hancock Center, and a 47% increase for
432 Park Avenue. As expected, the 50% reduction resulted in an average decrease in
natural frequency of 29%.
Despite the reduced stiffness, Figure 6.18 shows that the Gherkin (across all heights)
and the John Hancock Center at 135 m and 80 m would still meet the ISO residential
criterion if located in London. The 80 m and 79 m versions of 432 Park Avenue and
the Shard would also be acceptable.
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Fig. 6.18 A comparison of the dynamic performance of all fully-timber buildings (with
CLT and concrete floors) at their current stiffness, and if they were twice as flexible,
due to connection slippages.
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Material Usage

Finally, Figure 6.19 presents several metrics relating to material usage to show some of
the more practical pros and cons of incorporating timber into tall buildings. Data is
shown for versions of each tower either with a timber frame, a hybrid or the original
structure and a limited selection of CLT, CLT and concrete screed or original concrete
floors. With so many possible designs from this chapter to consider, the set which
is shown in 6.19 is just the 135 m tall versions, as these would be higher than any
existing tall timber building that has been constructed at the time of writing and thus
represent the "Next Generation". Furthermore, the 135 m versions are expected to be
viable in multiple countries, whereas at 200 m and above, only some designs would
be viable and only in a low wind speed climate. To make a like for like comparison,
all the versions of the Gherkin, the Shard, 432 Park Avenue and the John Hancock
Center from Figure 6.19 are the versions designed to have a strength ratio of 1.70 or a
drift ratio of H/500 (depending on whichever is the most limiting). The charts also
show the same metrics for the timber buildings from Chapter 4. However, it should be
noted that these buildings have different strength and stiffness ratios and are all less
than 135 m in height.
The first metric (in Figure 6.19a) shows the building density; this includes the
structure and floors but excludes any facade mass, permanent services, floor build-ups,
partitions or live loads. The density of the timber frame buildings with CLT floors
ranged from 33 kg/m3 (the Gherkin) to 52 kg/m3 (the Shard). The Smith and Wallwork
tower also falls within this range, whereas the Lodge, which has a very high percentage
of floor space occupied by vertical elements, is slightly denser at 59 kg/m3 . As the
specific stiffness and strength of steel and concrete are not too different to glulam and
CLT, the versions of each building with different frames (timber, hybrid or original) but
the same floors (CLT and screed) have roughly the same masses. Instead, the floors
have the biggest impact on a building’s density, as shown by the drastic increase in
density between the Original Frame, CLT + Screed buildings and the Original Frame,
Concrete Floors buildings. Unsurprisingly, Mjostarnet had a higher density than the
other buildings categorised as Timber Frame, CLT + Screed Floors as it actually has
fully concrete floors on the upper levels. Haut is distinct in its significantly higher
density compared to the hybrid versions of the Shard and 432 Park Avenue, both of
which used a relatively small concrete core and shared the lateral loads between the
core and glulam columns. Instead, Haut derives most of its stability from the core and
is much stiffer with a drift ratio of H/1090 for a 1.6 kPa wind.
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(a) Building density

(b) Percentage of floor space occupied by vertical structure

(c) Footprint of largest column
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(d) Material cost per m2 of floor space

(e) Embodied carbon (excluding storage) per m2 of floor space

(f) Embodied carbon (including storage) per m2 of floor space

Fig. 6.19 Design metrics for the Next Generation timber skyscrapers
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Whereas building density increases as less timber is used in a structure, the
percentage of floor space and the largest column size increases. Compared to Mjøstårnet,
which has columns as large as 1485 by 625 mm, the sizes of all the timber columns for the
Gherkin, the Shard, 432 Park Avenue, and the John Hancock Center would be smaller.
The percentage of floor space consumed by structure would also be considerably less
for the Gherkin and the John Hancock Center than for those with internal core walls.
The Shard would have the largest ratio with almost 6% of its floor space occupied by
walls and columns. It would instead be far more appealing for developers if it were to
retain a concrete core which would reduce this value down to just 1.4%.
Material cost (per square metre of floorspace) decreases when more concrete and
less timber used in a structure. The Gherkin and the John Hancock Center at 135 m
(with either CLT or CLT and screed floors) come in at a similar cost per square metre
as Mjøstårnet at 85 m tall and Haut at 73 m, although considerably more expensive
than their steel-framed versions with concrete floors. Of course, the cost of materials
is only a fraction of the total cost of a building project; however, the Lodge, which has
the highest material costs for any of the timber buildings from Chapter 4, has yet to
be built, partially due to the expense of its large diagrid columns. 432 Park Avenue
with a timber or hybrid frame would be even more expensive per square metre than
the Lodge (due to its very small floorplan) and, therefore, would also be a poor choice
of design in timber.
Finally, Figures 6.19e and 6.19f show the embodied carbon from the materials
used (per metre of floorspace) based on the values from Jones and Hammond (2019)
shown in Table 3.3. If sequestered carbon is excluded from the calculation, then there
is still a clear advantage to replacing steel-framed buildings (the Gherkin and the
John Hancock) with an equivalent with a timber frame. However, the change from
concrete floors to CLT has surprisingly little difference in the total embodied carbon
for all but 432 Park Avenue (where the change in floor depth on the upper levels
accounts for a significant reduction). The embodied carbon of the Shard and 432 Park
Avenue is (perhaps surprisingly) lower for the original and hybrid frames versus with a
timber frame. Glulam and CLT have embodied carbon values of 0.512 and 0.437 kg
CO2 /kg (when storage is not considered) due to the carbon intensity of heating and
laminating the engineered wood products. Whereas, concrete emits 0.155 kg CO2 /kg,
so for structures of similar masses (which is the case due to similar values of specific
stiffness between timber and concrete) then a concrete structure will be less carbon
intensive than a timber structure (where the timber has not been sustainable forested
and won’t be recycled at the end of its use).
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However, if the timber has been sustainably forested and will be recycled after
use, then the net embodied carbon (now including sequestered carbon) changes to
-0.90 and -1.20 kg CO2 /kg for glulam and CLT, respectively, meaning that the more
timber there is in a structure, the lower or more negative the overall value for embodied
carbon becomes. This effect applies to both the tubular steel structures and those with
concrete cores. If the timber comes from a sustainable source and will be recycled at
the end of its life, then there is a clear case for using CLT flooring instead of concrete
and using a timber frame instead of concrete or steel. However, if these scenarios do
not apply to the CLT, there is no convincing case for swapping concrete flooring for
CLT.
Across the four case study buildings, a change from concrete to CLT and concrete
screed floors (for the original structure) results in an average saving in embodied carbon
of 171 kg CO2 /kg per square metre of floor space. Fully CLT floors saved a further 45
kg CO2 /kg/m2 versus those with a layer of concrete screed. The average change from
the original frame to hybrid (with the same floors) was a saving of 92 kg CO2 /kg/m2
or 130 kg CO2 /kg/m2 for a fully-timber frame.
Of course, in reality, it may be that some of the timber from a structure will be
recycled but not all, and that the actual embodied carbon value (from materials alone)
lies somewhere between the values shown in Figures 6.19e and f.
Yet again, the designs that make the most sense in timber are those with a tubular
frame, based on a steel design. If built with timber, the Gherkin and the John Hancock
Center (at 135 m) would have a low percentage of floor space occupied by structure,
would require smaller columns than Mjøstårnet and would require a similar amount of
material per square metre as Haut or Mjøstårnet (and much less than the Shard or 432
Park Avenue). Furthermore, their construction would result in significant savings of
embodied carbon (versus their steel counterparts) regardless of if storage was included
or excluded in the calculation. Even if storage were not included, they would be the
least carbon-intensive buildings of those shown in Figure 6.19 and would have lower
carbon values (per square metre) than any of the tall timber buildings from Chapter 4.
Finally, despite being some of the least dense structures, their dynamic performance is
still good (and the Gherkin’s is exceptional).

Chapter 7
Conclusions
7.1

Summary

Before looking at the next generation of tall timber buildings, this thesis first investigated the wind dynamics of Mjøstårnet and Haut, two of the world’s tallest timber
buildings (at the time of writing), and two proposals by Smith and Wallwork that
would exceed 100 metres if constructed. The analysis in Chapter 4 showed that these
towers would all exceed the ISO 10137 criterion for their given location, but Haut
(which has a concrete core and was, therefore, the densest of the four) was the closest
to satisfying the criterion. The Lodge was the next closest, on account of its smooth
elliptical cross-section, which helps minimise both along and across-wind vibrations.
Satisfying the ISO criterion means that a building is expected to be comfortable for
most occupants, i.e. they will not regularly experience motion sickness if living or
working on the tower’s upper floors. However, it is worth bearing in mind that the
ISO criterion is only one of many possible criteria for human comfort and that as a
serviceability criterion, it provides a recommendation rather than a strict requirement.

Nevertheless, Chapter 4 verifies the problem identified in the Chapters 1 and 2: all
of these timber buildings have issues meeting ISO 10137 (the most widely recognised
human comfort criterion) and in many cases concrete has been added (or would need
to be added) to the structures to reduce their vibrations.
In Chapter 5, four existing skyscrapers, made from steel and concrete, are modelled
and their wind dynamics assessed. Its diagrid shell and circular cross-section helped the
Gherkin perform exceptionally well, producing very low displacements (which aligned
perfectly with the available literature) and accelerations (which unfortunately could
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not be verified, as no values for peak accelerations of the Gherkin were available).
The Shard would also meet both the ISO 10137 and NBCC 2005 criteria, and its
displacements, accelerations, and natural frequencies agreed to within an acceptable
level of the results from a wind tunnel report. The peak accelerations calculated were
slightly lower than stated in the report, which may be due to differences between the
final design and the early design upon which the wind tunnel test data was based.
A long term monitoring project in Chicago, which appears to include results from
the John Hancock Center provided valuable data which aligned extremely well with
the peak accelerations and natural frequencies of the building, calculated in Chapter
5. The peak accelerations substantially exceeded the recommended limits of the ISO
criterion. However, these were the highest accelerations over the ten-year monitoring
period but corresponded to a one-year wind speed according to the ASCE codes, which
may explain why occupants of the building are purportedly not unhappy with its
vibrations. Furthermore, it is worth remembering that the building was designed
long before the ISO criterion were introduced, before across-wind vibrations could be
accurately predicted, and also that the wind speeds specified by the Chicago building
codes were much lower than those specified by the modern ASCE codes. As well as
having a similar dynamic response to the literature, the along-wind deflections also
approximately agreed with Fazlur Khan’s original predictions.
Finally, Chapter 5 looked at the staggeringly slender 432 Park Avenue. This is a
building that does not look like it should be stable, but due to numerous interventions
(such as a tuned mass damper and openings to decorrelate vortex formation), its
accelerations are kept to within the ISO criterion (although slightly exceed the NBCC
criterion). The values calculated agreed well with results from wind tunnel testing
by RWDI, which state that the openings reduce the across-wind accelerations by 50%
(which is included in the calculations). Unfortunately, no deflection values were found
in the literature to verify the analysis, which estimates that the building would have a
drift ratio of greater than H/500. A high drift ratio is plausible, given recent resident
complaints of hearing creaking noises and elevators breaking down during high winds.
Accurately modelling these buildings and understanding their structures in their
current form enables confidence in the accuracy of the results from Chapter 6, where
timber is incorporated into the designs (either at their original height or for smaller
versions of the same towers). The objective of Chapter 6 was to understand how
timber floors or frames affect a building’s dynamic response (versus the original)
and to understand what typologies are best suited to tall timber buildings. In the
process, viable solutions for specific locations are inevitably found, but given the many
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limitations (discussed later in Section 7.3), this was not the primary objective of the
thesis. Instead, it is hoped that this thesis will help inform the suitable design of the
next generation of tall timber buildings by answering the three questions below.
How would the dynamic performance of steel or concrete skyscrapers
change if their concrete floors were replaced with CLT?
A summary of the effect of replacing the concrete or deck floors with CLT is shown
in Tables 7.1 and 7.2, based on the analysis in Section 6.2. The tables show the
percentage increases in first mode natural frequency and one-year peak acceleration
for the Gherkin, the Shard, the John Hancock Center and 432 Park Avenue (across
a range of heights) if they had CLT floors but retained their original structure and
locations. The same depth of CLT floors was used for all buildings and throughout all
storeys to simplify the analysis. The floors were either fully CLT of 250 mm depth or
200 mm depth with a 50 mm topping of concrete (known as screed).
Table 7.1 shows an increase in the building’s natural frequencies ranging from as
little as 4% (for an 80 m John Hancock Center) up to as much as 86% (for an 80
m 432 Park Avenue). The variability is a function of the mass of the original floors
versus their CLT replacements, the proportion of overall building mass that the floors
constitute, and if any structural material can be saved due to the building’s reduced
dead load. For 432 Park Avenue, the fully CLT floors are just 10-17% of the mass of
the original floors, so their inclusion has a more significant impact than, say, for the
John Hancock Center, where the mass of the CLT floors weigh 31% as much as the
originals. Across all the buildings in Table 7.1, the use of 250 mm deep CLT floors
caused a 30% increase in first mode natural frequency versus the original concrete or
deck floors. The CLT floors with a 50 mm layer of concrete (which are almost twice as
heavy as the fully-CLT floors) resulted in an average frequency increase of 21%.
Replacing concrete floors with CLT reduces the mass of a building, and as natural
frequency is inversely proportional to the square root of modal mass, this reduction
in mass results in a higher natural frequency. If strength is the limiting factor when
sizing the building’s columns, material can then be saved from the structure due to
the reduced dead load of the building. This reduction in the section sizes reduces the
building’s modal stiffness, decreasing the natural frequency (as natural frequency is
proportional to the square root of modal stiffness). This scenario is the case for the
Gherkin (across all heights) and for all but the full-height version of the John Hancock
Center. These structures exhibited smaller increases in frequency than those that were
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stiffness-limited, where the vertical structure was not reduced (the Shard, 432 Park
Avenue and the full-height John Hancock Center).
Table 7.1 Percentage change in natural frequency with floor type

Table 7.2 Percentage change of peak one-year accelerations with floor type

Although the strength-limited buildings showed smaller increases in natural frequency, they exhibit a larger increase in accelerations than those that are stiffnesslimited. This effect results from a reduction in the stiffness of the Gherkin and the John
Hancock Center when structural material is saved (due to the lightweight CLT floors).
Looking at just the effect of using CLT floors, the natural frequency of strength-limited
designs increased by an average of 12% and the peak accelerations by 68%. For
stiffness-based designs such as 432 Park Avenue and the Shard, the average natural
frequency increased by 42%, but the resulting accelerations increased by just 33%.
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Overall, replacing concrete floors with CLT floors that are 250 mm deep increased
one-year peak accelerations (including both along and across-wind vibrations) by an
average of 47%. If a layer of concrete screed were included in the floors, then the
average increase in accelerations would be just 26%.
These are significant changes to a building’s dynamic performance, and in many
cases, would mean that a building that would pass the human comfort criteria with
concrete floors would fail the same criteria with CLT floors. However, for projects
wishing to improve their environmental credentials, this effect could be mitigated
by adding mechanical damping, such as a tuned mass damper. For example, an
increase in the damping ratio of 0.8% (from 1.5% to 2.3%) would be required to
bring the acceleration levels of the Shard with CLT floors to within the same level of
acceptability as its performance with concrete floors. The John Hancock Center (if
located in London) would perform just as well with CLT floors and 1% extra damping
(doubling the total damping from 1% to 2%) as it would with concrete floors. However,
the ideal scenario is that the structure already has an extremely low wind response, so
even a significant increase in accelerations would still be acceptable. This is the case
for the Gherkin, which would still perform remarkably well with CLT floors at 182 m
tall, with accelerations that are 60% lower than the ISO 10137 limit. Furthermore,
the Gherkin is a strength-limited design, so the lightweight CLT floors would enable
32% of the structural material to be saved. Other buildings with fully-CLT floors that
would have an acceptable wind response (if located in London) include a 135 m John
Hancock Center, a 134 m Shard and an 80 m version of 432 Park Avenue. If CLT with
screed is used, the Shard at 200 m, the John Hancock Center at 196 m, and 432 Park
Avenue at 137 m would also be viable.
Based on carbon data from the ICE by Jones and Hammond (2019), the sequestered
carbon from CLT flooring (if sustainably sourced and recycled at the end of life), with or
without screed, would be sufficient to offset the carbon emitted during the production
of the building’s steel and concrete (see Table 6.5). However, based on the structures
listed in Table 6.5 this would result in an average increase in material costs of 166% for
fully-CLT floors or 136% for CLT floors with a layer screed. These costs are exclusively
for materials and do not exclude any construction or labour costs.
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How does the dynamic performance of a building change between a
steel or concrete structure and an equivalent timber version of the same
structure? For structures with a concrete core, how would the dynamics
change if the concrete core was retained, but the remainder of the frame
was built from timber?
Table 7.3 shows the change in first mode natural frequency for skyscrapers with a
fully-timber or concrete-timber frame versus the same structure with the original steel
or concrete frame. The table (based on analysis in Section 6.3) shows the frequency
changes for buildings with CLT and screed floors as these seem the most likely to be
used in timber towers.
Looking firstly at the strength-limited buildings constructed in steel (i.e. all heights
of the Gherkin and the John Hancock Center up to 200 m), these buildings show a
reduction in natural frequency as their frames are roughly 60% as stiff as their steel
equivalents for the same strength ratio. This value can be derived as the ratio of the
specific strength of steel to glulam, multiplied by the specific stiffness of glulam to steel
(see Equation 7.1 below). The frames are also substantially lighter due to the reduced
structural material, although the modal mass does not reduce to the same degree as
the modal stiffness as the frame is only part of the total building mass. This means
that overall, the natural frequency of these buildings is an average of 8% less than for
an equivalent in steel.

∗
knew
%=

σsteel /ρsteel Eglulam /ρglulam
= 56% ∗ 107% = 60%
σglulam /ρglulam Esteel /ρsteel

(7.1)

Using similar principles as above, the (stiffness-limited) full-height John Hancock
Center has a higher natural frequency with a timber frame than steel. This increase is
because glulam has a higher specific stiffness than steel, which means that a stiffnesslimited steel building will be heavier than a timber version with the same drift ratio.
A lower modal mass for the timber design means that it will have a higher natural
frequency than the steel version.
However, for the Shard and 432 Park Avenue, the change in natural frequency with
structural material is not as straightforward. Unlike the Gherkin and the John Hancock
Center, which have many internal beams connecting the external and internal columns,
the Shard and 432 Park Avenue rely heavily on the floor plates and a small number
of internal beams to transmit wind forces from their exterior to their concrete cores.
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Table 7.3 Percentage change in natural frequency with frame type

Table 7.4 Percentage change of peak one-year accelerations with frame type (excluding
the effects of different damping ratios)

Table 7.5 Percentage change of peak one-year accelerations with frame type (including
the effects of different damping ratios)
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When these internal steel or concrete beams were replaced with glulam, the effect of
CLT floors on the global stiffness becomes apparent. The column factors in Tables
6.8 and 6.9 (for the timber versions of the Shard and 432 Park Avenue, respectively)
show that more structural material was required for the frames with CLT floors and
screed than for concrete floors, and more still for fully-CLT floors, to produce the same
overall deflections. This result indicate that the CLT floors do not provide as much
diaphragm action as concrete floors. Whereas this effect was mitigated in the steel
and concrete versions of the Shard and 432 Park Avenue (as presumably the steel and
concrete beams provided ample diaphragm action), when CLT floors are used with
glulam beams, this results in a lack of diaphragm action which reduces the global
stiffness of the building.
However, the glulam beams of the Gherkin and the John Hancock Center were
sufficient to provide good diaphragm action, and no change in global stiffness was
observed with different floor materials. This performance is most likely a combination
of the large number of beams on these floor plans and that the wind forces are almost
entirely resisted by the external structure. Therefore the floorplates act with the
diagonal braces to spread the loading around the perimeter of the structure. By
contrast, when a core or shear walls are used for lateral stability, forces applied on an
outer face must be transmitted internally.
Thus, although it might be expected that a timber-framed building would be lighter
than a steel-framed one, this is not necessarily the case. The loss of diaphragm action
with glulam beams and CLT floors is one aspect of this, but the specific stiffnesses of
steel and concrete also contribute heavily. If ignoring the loss of diaphragm action,
a steel building should be just 7% heavier than a glulam 24h building of the same
stiffness. However, as CLT 24h has a lower specific stiffness than low-grade concrete
and glulam 24h has a higher specific stiffness than high-grade concrete or steel, the
masses of the Shard and 432 Park Avenue, when constructed with glulam and CLT,
are not so simply derived. Overall the masses of the Shard variants in timber equated
to roughly the same as the originals, resulting in similar natural frequencies. At 426
m and 199 m, 432 Park Avenue is lighter in timber than in concrete, resulting in
higher natural frequencies. At the shorter heights of 137 m and 80 m, the total masses
are similar across the concrete, timber, and hybrid versions; however, as the mode
shapes of the timber versions are more heavily dominated by shear deflections than
the concrete structure, this results in a higher modal mass, which causes the natural
frequency to reduce. The mode shape does not differ significantly between the hybrid
and concrete versions, resulting in little change in natural frequency.
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Four factors contribute to a change in accelerations. A reduction in modal mass, a
reduction in modal stiffness, or a higher proportion of shear deflections contributing to
the mode shape all cause the accelerations to increase. However, these effects can be
offset by an increase in the damping percentage. This increase varies for each building,
depending on which value was selected for the original skyscrapers in Chapter 5 (1.4%
for the Gherkin, 1.5% for the Shard, 1.0% for the John Hancock and 2.0% for 432 Park
Avenue). As damping is the most complex parameter to make a reasonable estimate
of, it is unfortunate that it has such a considerable input of the difference between the
accelerations of timber and concrete or steel buildings. To combat this, Table 7.4 shows
how the peak accelerations of all buildings would change if there were no difference in
damping percentage between timber and steel or concrete.
Strength-limited buildings, such as the Shard and the John Hancock Center, are
substantially lighter and less stiff than their steel counterparts due to glulam having
higher specific strength and stiffness than steel. The mode shape exponent is similar
for both the timber and steel Gherkin but lower for the John Hancock Center in timber
than in steel (indicating a higher proportion of shear deformations). Overall, the
acceleration of strength-limited buildings would increase by 16% in timber versus steel
(excluding the effects of a change in damping).
Stiffness-limited buildings like the Shard and 432 Park Avenue had smaller differences
in mass between the frame types, meaning that timber and timber-hybrid buildings
had a similar mass to concrete or concrete-steel buildings of the same stiffness. For
these structures, the change in mode shape (excluding damping changes) would result
in an average increase in accelerations of 9% for timber structures versus concrete and
steel. The timber structures which retained a concrete core experienced fewer shear
deformations than those with a CLT core; this would result in just a 5% increase in
accelerations, whereas those with a CLT core saw increases of 11% (again, excluding
the effects of a difference in damping percentage).
Once the effect of increased damping is factored into the calculations (shown in
Table 7.5), the use of a timber or a concrete-timber frame, instead of the original
structure, resulted in a mean decrease in the one-year peak accelerations by just 3% .
The John Hancock Center slightly skews this value as its damping ratio doubled from
1% to 2%, whereas it didn’t change for 432 Park Avenue and only increased by 33% for
the Shard (up from 1.5% to 2.0%) and 43% for the Gherkin (up from 1.4% up to 2.0%).
Excluding the John Hancock Center, the change in accelerations between structure
types would only be a 1% increase. This change in acceleration is effectively negligible
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by comparison to the change due to different floor types, which caused accelerations to
rise by an average of 26% for CLT and screed floors and by 47% for fully-CLT floors.
When analysed using the wind-speeds of their current locations, the following are
the tallest timber buildings of each type that would meet the ISO and NBCC residential
requirements: the 182 m Gherkin with any floor type, a 200 m Shard with CLT and
screed floors (either fully-timber or a hybrid), a hybrid 137 m tall 432 Park Avenue
with CLT and screed floors. An 80 m timber John Hancock Center with CLT and
screed floors would slightly exceed the residential criteria, but satisfy the office criteria.

Which types of lateral stability system or "skyscraper typology" are
best suited to tall timber building design, specifically in terms of dynamic
performance under wind loading?
Figure 7.1 shows the natural frequencies and one-year peak accelerations for timber
and hybrid buildings (with CLT and screed floors), which have a strength ratio of 1.70
or a drift ratio of H/500 for a 1.6 kPa wind pressure (whichever is limiting), and a
damping percentage of 2%. The chart shows their performance if they were all located
in the moderate wind climate of Amsterdam. As all the buildings have been designed
to the same criteria and are subject to the same loading, they can be compared on
a like-for-like basis. The performance of the timber buildings from Chapter 4 are
also included (also taking a damping ratio of 2% and using Amsterdam wind speeds);
however, their modal properties have not been altered to match the same strength and
stiffness criteria.
There is a distinct segregation between the tubular structures and those with a
core- the Gherkin and the John Hancock both produce lower accelerations than the
Shard and 432 Park Avenue. The braced frame of the John Hancock Center and the
diagrid of the Gherkin ensure that the bending moments (induced in the structure by
the wind) are resisted about the entire width of the building, creating a large second
moment across all the vertical elements. The diagonal bracing elements are able to
efficiently resist shear deflections without the need for internal shear walls. Together,
their combined bending stiffness and shear rigidity make the structures particularly
stiff for the amount of material used, which means that the strength ratio becomes the
governing criterion when sizing their columns and braces.
As they are limited by strength, the Gherkin (at all heights) and the John Hancock
Center (at 135 m and 80 m) are stiffer than H/500, which is one factor that contributes
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Fig. 7.1 The dynamic performance of all fully-timber and timber-hybrid buildings (up
to 200 m) if located in Amsterdam.
to their low accelerations. However, as the 196 m John Hancock Center, which has a
stiffness ratio of H/500, has lower accelerations than the 200 m versions of the Shard
and 432 Park Avenue (which are also H/500), the change in stiffness is not the only
factor contributing to the low accelerations. As well as their efficient tubular forms,
both structures have sensible slenderness ratios which help to minimise across-wind
accelerations: 3.8 for the Gherkin at 182 m and 3.4 for the John Hancock Center at
196 m, versus 7.0 and 4.5 for the 200 m versions of 432 Park Avenue and the Shard,
respectively.
However, the standout structure is the Gherkin, which, as well as being inherently
stiff and not too slender, also has the most aerodynamic cross-section, which reduces
the across wind-vibrations by 62% versus its performance if it were square in plan.
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Based on the four skyscrapers examined in this thesis, the Gherkin would be the
optimal choice for a tall timber building with respect to its wind dynamics.
Aside from their dynamic performance, the Gherkin and the John Hancock Center
would also require a lower percentage of floor space to be occupied by structure, a
lower material cost per square metre and lower embodied carbon (if sequestered carbon
is not included) than the Shard and 432 Park Avenue. Unlike the Shard and 432 Park
Avenue, which would need ludicrously large CLT shear walls, the maximum column
size for a 182 m Gherkin (with CLT floors) would be just 965 x 965 mm, or 1060 x
1060 mm for a 196 m John Hancock Center. These sizes are similar in area to the
columns produced for Mjøstårnet, so should be possible to manufacture with current
technology.

7.2

Key Findings

• The use of CLT floors in a concrete or steel-framed building will increase both
the natural frequency and the peak accelerations versus the same structure with
concrete floors. Both of these factors will take the building further away from
meeting the ISO 10137 human comfort criterion.
• A building with CLT floors that is strength-limited will be able to reduce the
amount of structural material required to support its self-weight (versus the same
structure with concrete floors). This saving of material will cause a reduction in
the building’s stiffness which will mitigate against some of the increase in natural
frequency but cause a larger increase in accelerations (versus a structure where
structural material has not been saved).
• A range of towers with CLT floors (with and without screed) and steel or concrete
frames, up to 200 metres tall, could have acceptable wind dynamics that would
pass the ISO 10137 human comfort criterion if located in a low-wind speed
environment like London. In almost all cases, the carbon sequestered in the CLT
would be sufficient to offset the embodied carbon from the concrete and steel
used throughout the remainder of the buildings.
• For a strength-limited building, a timber frame is approximately 60% as stiff as a
steel frame for the same strength ratio and therefore has a lower natural frequency.
This difference is due to timber having a higher strength to density ratio than
steel and similar stiffness to density ratio. For stiffness-limited buildings, the
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timber-framed versions typically weigh approximately the same as their concrete
or steel equivalents for the same drift ratio. Therefore, they exhibit more minor
changes in natural frequency.
• If the effect of a change in damping percentage is ignored, almost all timberframed buildings would exhibit higher accelerations than their steel or concrete
equivalents (with the same floor type). If the damping percentage of timber is
taken as 2%, the increased damping (versus steel or concrete) offsets this increase
in accelerations. Therefore, there is no substantial overall difference in the windinduced accelerations of timber buildings due to their frame type, and instead,
the use of CLT floors is the primary contributor to their high accelerations.
• Timber buildings which retained a concrete core produced lower vibrations than
those with a CLT core.
• Tall timber buildings with CLT or concrete cores and glulam beams and columns
exhibited reduced stiffness due to the poor diaphragm action of CLT floors. This
effect was not apparent for the timber versions of tubular structures.
• The two tubular structures (the Gherkin and the John Hancock Center) had
lower dynamic responses than the core-based structures (the Shard and 432 Park
Avenue) when compared on a like-for-like basis. The John Hancock Center at 135
meters tall and the Gherkin at 182 meters tall would have lower vibrations than
the Lodge (112 m), Mjøstårnet (85 m), Haut (73 m) or the Smith and Wallwork
Tower (127 m).
• The cylindrical diagrid of the Gherkin is the ideal typology for tall timber
construction (of the structures examined in this thesis). Its diagrid is highly
efficient at resisting both bending moments and shear forces, meaning that its
sections must be sized to meet the strength criterion rather than stiffness. As
well as helping with its dynamic performance, this means that the 182 m building
would require columns that are less than 1 m2 in cross-section (which would be
possible to manufacture with present technology). Due to its tubular form, CLT
floors and glulam beams would be sufficient to provide good diaphragm action.
Finally its circular cross-section is ideal for minimising the effect of wind loading,
and the building could be constructed with fully-CLT or CLT and screed floors
even in a high-wind speed environment.
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Limitations

Throughout the course of this project, 144 different versions of the four skyscrapers
have been analysed, in addition to the four timber buildings from Chapter 4. In doing
so, several simplifications were made. The Gherkin and 432 Park Avenue are not
based on detailed building plans but on their basic geometry and some limited data
about section sizes found in the literature. However, the Shard and the John Hancock
Center should be reasonably accurate as an ETABS model of the Shard was generously
supplied by WSP and the building plans of the John Hancock Center were kindly made
available by SOM.
When changing concrete and steel structures into timber, the process was simplified
by filling out the footprint of the columns and beams (to make glulam sections),
replacing reinforced concrete walls with CLT and then multiplying by a column factor
and core factor to scale the section sizes such that the building would satisfy strength
and stiffness criteria. This process is not intended as an optimised timber solution for
each structure but instead provides a quick method of switching a steel or concrete
skyscraper into timber. In doing so, these timber buildings do not represent refined
designs but should nevertheless provide a good approximation to the performance of
a timber building of a given typology. In particular, little attention was paid to the
re-design of beams (as these contributed less to the structural dynamics than braces
and columns), and as such, the masses of the buildings with CLT floors may not be
representative of a structure where the beams have been designed more thoroughly.
Furthermore, a standard depth of CLT floors was used for all buildings and across all
levels, whereas for an actual building, these would be designed much more thoroughly
to reflect different spans and loadings.
When assessing the dynamic performance of timber buildings, there are two large
areas of uncertainty; the effect of flexible connections and the correct damping percentage, both of which would contribute heavily to the difference in performance between
a timber frame and a steel or concrete frame. As opposed to making guesses for these
factors, the effect on peak accelerations for no change in damping is shown in Table 7.4
and Figure 6.17 shows how the performance of all the buildings would change if the
damping ratio increased from 2 to 5%. The effect of connection flexibility on dynamic
performance has been investigated separately in Section 6.4.2.
The calculation of peak accelerations (particularly for vortex-induced vibrations)
could be more accurately assessed using wind tunnel testing or computational fluid
dynamics. A wind tunnel would have been able to incorporate the effects of different
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geometries, including tapering and make a more accurate assessment of a building in
a specific location by modelling its nearby terrain. However, given the vast number
of different buildings that have been analysed, this simply would have been too timeintensive. Instead, the buildings were checked for higher mode responses using AWind
and then the remainder of the analysis used the Eurocodes or ASCE codes for alongwind vibrations and the NBCC and AIJ codes for the across-wind response. As
the primary objectives of this thesis were to understand how timber affects dynamic
response, the building codes should be sufficient for making a comparison between
buildings. However, if one of these designs (or a similar design) were to be constructed,
it would be highly recommended that wind tunnel testing be used to verify the results.

7.4

Implications

This thesis has shown that the world’s current tallest timber buildings could be surpassed
in height without the use of excessive concrete if suitable structural typologies are
chosen.
Braced, tubular forms like the John Hancock Center and Gherkin are excellent
candidates for typologies that would work well in timber and reach heights of up to
200 meters whilst still satisfying human comfort serviceability criteria. A structure
like the Gherkin is also likely to be viable at even taller heights.
The use of tubular structures like these would require considered thought in terms
of fire safety, as without a concrete core, there would need to be an alternative fireproof escape route. Additionally, their complex geometries and the intersection of
columns, beams, and diagonals will likely prove challenging for connection design and
encapsulation.
The Gherkin and the John Hancock Center would also both be suitable typologies
for steel or concrete buildings that use CLT floors to reduce their mass and offset their
carbon impact. As both structures are limited by strength rather than stiffness, the
use of lightweight CLT floors would mean that up to a third of the structural material
could be saved from their columns and braces (versus with concrete floors). Savings
in structural steel and the use of CLT floors would make the embodied carbon of (an
otherwise steel) skyscraper neutral or net negative (if the CLT was sustainably sourced
and recycled at the end of use).
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Fig. 7.2 A version of the Gherkin, designed in timber
In a world of expanding populations and increasing urbanisation, these designs
open up opportunities for tall buildings to be vastly more sustainable.
However, architects and engineers should understand that the use of lightweight CLT
floors will substantially increase the building’s vibrations under wind loading (versus the
same building with concrete floors). In fact, the high wind-induced vibrations of timber
towers are predominantly due to the lightweight CLT floors, whereas changing the
frame from steel or concrete to timber makes little difference to the peak accelerations.

Hopefully, this thesis provides strong evidence for architects and engineers wishing
to build tall timber buildings that diagrid and braced-tube structures are a good choice
in terms of their wind dynamics. An ideal structure would also be aerodynamic like
the Gherkin or use twisting forms, tapering, or setbacks to break up vortex formation.
These are all architectural decisions that need to be made early in the design of a tall
timber tower.
And so to one concluding thought: often the best designs can be copied from the
natural world. Just as a tree has a circular cross-section, so too does the ideal tall
timber building.
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